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Unreinforced masonry construction is predominant in many urban areas world-wide. Many of 
these constructions are vulnerable to earthquakes, which are the main cause of damage and loss 
of cultural heritage. Lessons learned from earthquake surveys proved that a satisfactory seismic 
performance is attained when the structure behaves as a monolithic box.  
This thesis tackles the problem of earthquake-impact on heritage masonry construction, starting 
from the basic consideration that efficient protection and strengthening can only be achieved with 
the proper knowledge of the behaviour of the structural elements and its connections. A numerical 
approach is proposed aiming at studying and further characterize the behaviour of stone masonry 
walls and anchors injected in masonry walls (used to strengthen connections between structural 
components). The knowledge provided by these studies is then applied in the seismic assessment 
of a typical masonry building. 
The numerical study of the in-plane behaviour of masonry walls was carried out based on an 
experimental programme carried out at EUCENTRE. The finite element models, considering 
walls with distinct slenderness ratios and pre-compression levels, were calibrated against the 
experimental results. Good agreement between experimental and numerical results was achieved 
both considering the global force-displacement behaviour and failure mechanism. Moreover, the 
validated models were used to carry out parametric analyses varying the geometric wall 
configuration and pre-compression level and the influence of these parameters in the wall 
response was evaluated. The drift capacity of the walls numerically analysed was compared with 
the drift limits imposed by codes showing that drift limit recommended in codes for shear is not 
accomplished for all the walls. For this reason, some walls were analysed considering more 
realistic boundary conditions. In this cases, the drift limit was fulfilled for most of the walls. 
Finally, the usage of a simplified formulations to predict the strength capacity of walls is also 
addressed. The comparison between the numerical results with the lateral shear strength estimated 
by simplified models, demonstrated that these expressions can predict with very good 
approximation both the failure mode and the lateral resistance of a wall. 
The numerical study of injected anchors in masonry was supported by an experimental campaign 
carried out at University of Minho. This work resorted to a detailed finite element model, which 
reproduces the experimental test setup, validated against the experimental results. The modelling 
approach adopted allowed for an accurate characterization of the behaviour of all structural 
elements, both in terms of stress field and displacement distribution. Then, the numerical model 
was used as a “numerical laboratory”, where the sensitivity of the results to the input of material 
parameters, geometrical features and actions was analysed. Among all the conditions studied 
through the parametrical analyses, the anchor embedment depth was the parameter that most 
influences the structural behaviour of the system, increasing significantly the ultimate capacity. 
Finally, simplified analytical methods to estimate the strength capacity of injected anchors on 
masonry were reviewed and the achieved values and failure modes agreed reasonably well with 
the numerical analysis. 
Finally, the seismic assessment of a typical masonry building located in Lisbon was carried out. 
The seismic performance of this building was evaluated based on different assumptions related 
to the connections between structural components: lack of effective connections between 
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elements, improved wall-to-wall connections and effective connections among all elements. 
Pushover analysis adopting the model that simulates the building response considering ineffective 
connections between structural elements showed rather low capacity when compared with the 
other models that include the strengthening of connections (either wall-to-wall or both wall-to-
wall and wall-to-floor connections). These results demonstrated that the building seismic 
performance is significantly enhanced by the improvement of the connections behaviour, i.e. by 
accomplishing a monolithic box-like behaviour. Strengthening interventions for the improvement 























A conservação de edifícios antigos é um tema que tem suscitado um interesse crescente na 
comunidade em geral, pela necessidade de preservação do património edificado. As construções 
antigas de alvenaria não reforçada são predominantes em muitas cidades mundiais, e devido à sua 
vulnerabilidade às ações sísmicas, a avaliação da sua segurança torna-se essencial. Do estudo e 
análise do comportamento dos efeitos da ação sísmica neste tipo de edifícios, conclui-se que uma 
adequada resposta sísmica é alcançada quando a estrutura apresenta um comportamento 
monolítico. 
Este trabalho aborda o impacto sísmico em edifícios antigos de alvenaria, com o pressuposto base 
de que um reforço eficiente apenas se consegue com o conhecimento do comportamento dos 
vários elementos estruturais e sua interligação. Através da abordagem numérica proposta neste 
trabalho, pretende-se estudar e caracterizar o comportamento de paredes de alvenaria e soluções 
de reforço com ancoragens injetadas nestes elementos, uma vez que os estudos existentes são 
maioritariamente experimentais. O conhecimento obtido a partir destes estudos numéricos é 
depois aplicado na avaliação sísmica de um edifício típico de alvenaria.  
O estudo numérico do comportamento de paredes de alvenaria sujeitas a cargas no seu plano, 
baseou-se num programa experimental desenvolvido no EUCENTRE. Os modelos de elementos 
finitos utilizados foram calibrados com os resultados experimentais relativos a paredes com 
diferentes configurações geométricas e níveis de carga. Os modelos numéricos validados foram 
posteriormente utilizados em análises paramétricas, variando a configuração geométrica e o nível 
de compressão na parede, o que permitiu avaliar a influência destes parâmetros na resposta da 
mesma. Foram também analisados os deslocamentos laterais das paredes e comparados com os 
limites regulamentares, constatando-se que estes limites nem sempre são cumpridos. Por este 
motivo, algumas paredes das foram reanalisadas numericamente considerando diferentes 
condições de fronteira na tentativa de aproximar o seu comportamento a uma situação mais real. 
Estes novos resultados demonstraram que os limites regulamentares são cumpridos para a grande 
maioria das paredes estudadas. Posteriormente os resultados numéricos foram comparados com 
obtidos através da aplicação de expressões analíticas. 
O estudo numérico de ancoragens injetadas em paredes de alvenaria teve como suporte a 
campanha experimental realizada na Universidade do Minho, tendo sido construído um modelo 
de elementos finitos detalhado, posteriormente calibrado com estes resultados experimentais. 
Dada a confiança no modelo numérico, este foi utilizado como laboratório numérico, onde foi 
avaliada a sensibilidade dos resultados aos parâmetros materiais, geométricos e ações, fornecendo 
informação importante na compreensão do comportamento deste sistema em diversas condições. 
De todas as condições estudadas, o comprimento de ancoragem foi o parâmetro que mais 
influenciou o comportamento global da parede. A capacidade das ancoragens foi estimada por 
métodos analíticos simplificados, que demonstraram razoável aproximação aos resultados 
numéricos. 
A avaliação sísmica de um edifício típico em alvenaria localizado em Lisboa foi realizada 
recorrendo a três modelos numéricos que incluem a adoção de diferentes considerações relativas 
às ligações entre elementos estruturais. A análise “pushover” adotando um modelo que simula a 
resposta do edifício considerando ineficientes as ligações entre elementos estruturais, revelou uma 
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baixa capacidade sísmica quando comparada com os resultados dos modelos que incluem reforço 
de ligações. Deste modo, demonstra-se que a resposta sísmica do edifício é significativamente 
melhorada com o reforço das ligações, que conferem um comportamento monolítico à estrutura. 
Apresenta-se ainda o dimensionamento das soluções de reforço para as diversas ligações dos 
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1.1. MOTIVATION  
Stone masonry is a traditional form of construction that has been practiced for centuries 
worldwide, ranging from typical buildings to cultural and historical landmarks. The earliest 
records of history show masonry to be one of the basic and most common construction 
material, being used for the construction of some of the most important monuments and 
structures around the world. Masonry constructions also represent the vast majority of the 
traditional buildings nowadays.  
The increasing awareness regarding the preservation of heritage and traditional masonry 
buildings is a result of a collective social responsibility to protect the heritage, aiming at 
guaranteeing that the cultural identity is perpetuated for future generations. Moreover, the 
functions that these structures still maintain in our days justify the concern about its safety. 
Many of these constructions are vulnerable to earthquakes which are the main cause of damage 
and loss of cultural heritage. Moreover the damage and collapse of these structures during a 
seismic event is a permanent threat for human lives.  
As proven by historical data, many ancient towns and cities all over the world have already 
been seriously affected by seismic actions, leading to severe human, cultural and economic 
losses. Examples of devastation caused by heavy damage or the collapse of stone masonry 
buildings in past earthquakes are shown in Figure 1.1. In India, most of the 13,800 deaths 
during the 2001 Bhuj earthquake (Figure 1.1c), and more than 8,000 deaths in the 1993 
Maharashtra earthquake (Figure 1.1a), were attributed to collapses of traditional stone 
masonry buildings. Azores earthquake in 1998 caused nine casualties and severe destruction 
in many masonry buildings affecting more than 5,000 people in Portugal (Figure 1.1b). Also 
in the 2009 Bhutan earthquake, many of the causalities were associated to the total or local 
collapse of masonry structures (Figure 1.1d). From observation of damage caused by more 
recent earthquakes, L’Aquila 2009 in Italy (Figure 1.1e) and Christchurch 2011 in New 
Zealand (Figure 1.1f), it could be concluded that the level of damage found in masonry 
structures is not so devastating as verified in past earthquakes. Post-earthquake surveys were 
performed in L’Aquila (D’Ayala and Paganoni 2010) and Christchurch (Senaldi et al. 2012) 
in order to assess the seismic performance of unreinforced stone masonry buildings and 
retrofitted constructions. These investigations showed that, although the damage is limited by 
local collapses (total collapses observed was minor) and some examples of successful 

















Figure 1.1  Earthquake damage: (a) Maharashtra 1993 (India); (b) Azores 1998 (Portugal); (c) 
Bhuj Gujarat 2001 (India); (d) Bhutan 2009; (e) L’Aquila 2009 (Italy); (f) 
Christchurch 2011 (New Zealand). 
 




Damage surveys of past earthquakes have shown that damage and the collapse of masonry 
buildings cause major human and economic losses in areas where this construction is 
widespread. The lack of proper strengthening interventions in masonry buildings to prevent 
damage and casualties while preserving cultural value, clearly stands out. The development 
of suitable and appropriate retrofitting measures to improve the seismic performance of 
traditional masonry buildings can only be accomplished by gaining knowledge on the 
behaviour the structural elements and its connections. 
The key components of a typical stone masonry building include floor/roof systems, structural 
walls, and connections between elements. The analysis of damage patterns can identify the 
main causes of the poor seismic performance of these buildings: 
 Foundation problems; 
 Ungluing of wall wythes; 
 Floor and/or roof collapse from inadequate wall-to floor (or wall-to-roof) anchorage; 
 Damage and/or separation of walls at intersections; 
 Out-of-plane wall collapse due to the lack of orthogonal connection; 
 Poor quality of construction; 
 Lack of structural integrity; 
Lessons learned from earthquake surveys regarding the influence of the structural components 
and connections behaviour on the seismic performance of masonry buildings proved that, a 
satisfactory seismic performance is attained when the structure behaves as a monolithic box. 
When the walls are not properly connected at their intersections, it is expected that they vibrate 
on its own when subjected to earthquake ground shaking. Buildings with regular structural 
organization, with the walls connected together at the floor levels, have often performed well 
(Tomaževič 1999).  
The key strategies to improve the seismic safety of masonry buildings involves the 
enhancement of the structural integrity of the entire building by ensuring a box-like response. 
The global behaviour of the building is obviously dependent on the efficiency of the 
connections between structural elements (the walls have to be tied together and anchored to 
the floor and to the roof). In this manner, seismic loads can be transferred through the floor 
and roof diaphragms to the in-plane walls, behaving in a more stable way. The knowledge of 
the in-plane performance of the structural walls, which are the basic resisting elements to 
seismic loads, is also essential for the proper understanding of masonry buildings global 
behaviour.  
The structural in-plane behaviour of masonry walls have been experimentally studied by 
several researchers (e.g. Abrams and Shah 1992; Anthoine et al. 1995; Angelini et al. 2007; 
Alcaino and Santa-Maria 2008; Magenes et al. 2008a; Churilov and Dumova-Jovanoska 2010; 
Freeda et al. 2012; Andreini et al. 2013; Churilov and Dumova-Jovanoska 2013). 
Nevertheless, the huge number of possible combinations generated by the geometry, the 
characteristics of mortar, the nature and arrangement of units, as well as the construction 
techniques makes the proper characterization of different masonry walls almost impossible.  




1.2. AIMS AND METHODS OF THE RESEARCH 
Since the seismic performance of masonry walls and the behaviour of strengthened 
connections are two major issues within the global seismic behaviour of typical masonry 
buildings, contributions on these topics are intended to be given.  
The present study tackles the problem of earthquake-impact on heritage masonry 
constructions, starting from the basic consideration that efficient protection and strengthening 
can only be achieved with the proper knowledge of the behaviour of the structural elements 
and its connections. This research includes the numerical study of: 
 The in-plane behaviour of masonry walls which are considered the most relevant 
structural element; 
 The strengthened connections between structural elements in masonry buildings, by 
means of injected anchors installed in masonry walls; 
 The global behaviour of a typical masonry building. 
Thus, the present work aims to provide a better insight on the impact that individual 
components behavior and their interaction have in the global response of the building. This 
will be accomplished by: the characterization of the in-plane performance of stone masonry 
walls; by investigating the behaviour of injected anchors installed in masonry walls to 
strengthen the connection between structural elements; and by evaluation the influence of 
these parameters in the global behaviour of a typical masonry building. 
The methodology followed for the characterization of the behaviour of masonry walls and 
injected anchors installed in masonry is similar. The main steps carried out within these studies 
are the following: 
 Selection of the experimental campaign to sustain the numerical study; 
 Construction of finite element model trying to accurately simulate the behaviour 
observed during experimental testing; 
 Calibration and validation of the numerical results against the experimental data; 
 Conduct nonlinear analysis to characterize the behaviour;  
 Perform parametrical analysis to further evaluate the behaviour of the component 
under study in different conditions; 
 Assess the available analytical formulations by comparing with the experimental and 
numerical results.  
The knowledge provided by these studies is used in the seismic assessment of a typical 
masonry building well as in the evaluation of how the retrofit techniques contribute to overall 
building response. 




1.3. OUTLINE OF THE THESIS 
The thesis outline is divided into six Chapters that follow the path presented in the previous 
section. Chapter 1 describes the motivation, the aim and scope of the work, as well as the 
content of the thesis. Chapter 2 provides an overview on the seismic performance of traditional 
masonry structures. The gathered information regarding structural components features and 
seismic behaviour was presented, focusing in the in-plane failure mechanism of walls. The 
role of the connections between structural elements is also addressed and discussed. This is 
followed by a brief description of known strengthening interventions available for stone 
masonry buildings, giving special attention to solutions that included injected anchors. The 
literature review also included the discussing, addressing advantages and limitations, 
regarding the different available modelling techniques and analysis methods for the simulation 
of stone masonry. The literature review provided the basis for the definition of the working 
strategy, taking into account both the inherent recommendations and limitations. 
Chapter 3 presents the study of stone masonry walls under in-plane loading. An experimental 
campaign carried out in EUCENTRE was used to calibrate and validate the finite element model. 
The results of the nonlinear analysis are presented and compared with the experimental results 
in terms of force-displacement curves and damage pattern. Parametric analysis results, aiming 
at characterize the behavior of masonry walls with different geometries and levels of per 
compression, are also presented and discussed. Furthermore, the drift capacity of these walls is 
also addressed. Finally, analytical formulations available in literature to predict the in-plane 
strength of masonry walls were discussed and compared against the numerical and experimental 
results. 
Chapter 4 deals with the study of injected anchors installed in masonry walls as a way to 
strengthen the connections between structural elements. This investigation involves the 
construction of a finite element model that simulates the experimental results taken from the 
campaign carried out at the University of Minho. The numerical modelling validation process 
is also presented as well as the numerical results obtained from it. A discussion involving the 
evaluation of which model (total strain fixed crack model or total strain rotating crack) better 
simulates the behaviour of the system is provided. The influence of several key parameters in 
the behaviour of the anchoring system is also presented in this Chapter. Finally, analytical 
expressions to predict the strength of the anchoring system injected in masonry are discussed 
and compared with the values estimated numerically.  
In Chapter 5 the seismic assessment of a traditional masonry building of Lisbon is presented.  
The purpose of this chapter is to apply the knowledge obtained through the studies presented 
in Chapter 3 and Chapter 4 in the study of the global seismic behaviour of a typical masonry 
building. The seismic response is evaluated, firstly considering ineffective connections among 
structural elements, then assuming efficient connections among walls and finally assuming a 
global structural response of the structure with the additional contribution of the floors. The 
results from pushover analysis proportional to the mass are presented and discussed. The 
design of strengthening solutions for the improvement of the wall-to-wall and wall-to floor 
connections behaviour is also presented. Chapter 6 contains a summary of the conclusions 
















 OVERVIEW ON THE SEISMIC 
BEHAVIOUR OF MASONRY BUILDINGS 
  




Unreinforced masonry construction is predominant in many urban areas world-wide, particularly 
in the form of impressive historical buildings as landmarks of ancient cultures and typical 
residential buildings in cities hearts (Figure 2.1).  
Considering past and more recent earthquakes, it has been recognized that masonry buildings, 
particularly if inadequately tied, are very vulnerable to earthquakes (Abrams 2001; Lagomarsino 
2006; Furukawa and Kiyono 2009). Most of masonry buildings that undergo seismic action lead 
to deaths due to an inadequate resilience of the structure. In the past, masonry buildings were 
constructed by learning from the experience on similar structures, refining the proportions of 
structural elements by a deep perception of their structural behaviour (Lagomarsino 2006). The 
conception of these buildings was a result of a trial and error process that took into account only 
static actions. In this way, masonry buildings are generally able to carry the vertical loads in a 
safe and stable way (Betti and Vignoli 2008a), but from a structural point of view, they tend to 
fail to respond well to seismic loads. As such, the architectonic and cultural world heritage is at 
permanent risk due to the threat that earthquakes represent. Unfortunately, many areas in Europe 
are characterized by a high level of seismic hazard and the vulnerability of ancient masonry 
structures is often relevant (Lagomarsino 2006). In recent years, many archival sources and in 
situ surveys carried out after seismic events proved that many heritage buildings are damaged by 
earthquakes, stressing the need for safety evaluation of ancient buildings in seismic zones. Several 
examples of studies regarding masonry constructions affected by past earthquakes can be found 
in literature, e.g. (Corradi et al. 2002; Dogangun et al. 2009; Furukawa and Kiyono 2009; Sturm 
et al. 2009).  
(a) (b) 
Figure 2.1  Examples of Masonry Buildings: (a) Colosseum, Rome and (b) City centre, Porto. 
The increasing awareness regarding the preservation of heritage buildings as a way to protect 
them for future generations leads to the need for the study and assessment of masonry buildings 
in historical centres around the world, like in Portugal, Italy, Greece, Turkey, Peru, Mexico, etc. 
(Sturm et al. 2009). The concerns regarding the structural safety of these buildings are justified 
by the functions that these constructions still maintain nowadays. Considering that seismic events 
are also a threat to human live, it is imperative to gain knowledge on how masonry buildings may 
behave and potentially collapse, so as to minimize casualties and injuries to people (Furukawa 
and Kiyono 2009). Due to the high seismic vulnerability of masonry constructions, research on 
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the  seismic behaviour of masonry structures is nowadays very much dedicated to existing 
buildings with the aim of evaluating and reducing their seismic vulnerability (Magenes 2006).  
Performing a structural analysis of a heritage masonry construction is a complex and difficult task 
(Lourenço 2002) and (Lourenço et al. 2011), given the unknowns about the condition of the 
building, its history and building phases, the morphology of structural elements, the connection 
between structural elements, among other aspects. A suitable analysis of a masonry building 
should include the numerical modelling of its structure, with constitutive laws accurately 
describing the mechanical behaviour of the material. Then, the model must be calibrated against 
experimental results to assure the necessary reliability of the results. Nonetheless, to be properly 
implemented and effectively used, most of the current available tools require a large amount of 
resources: in terms of money, time, computational effort and knowledge (Vélez 2003). 
In the last years, due to increasing awareness in society about heritage buildings, there has been 
a major advance in modelling and analysis techniques of masonry structures. Several methods of 
analysis and computational tools are currently available for the assessment of the mechanical 
behaviour of masonry structures (Freeman 1998; Fajfar and Eeri 2000; FEMA 356 2000; Magenes 
2000; Priestley 2000; Chopra and Goel 2001; Vamvatsikos and Cornell 2002; EC8 2003; Penna 
et al. 2004; Schnept et al. 2007; Lourenço et al. 2007a; Betti and Vignoli 2008a; Binda et al. 2009; 
Dyavanal and Annigeri 2009; Antoniou and Pinho 2010; Mendes and Lourenço 2010; Penna et 
al. 2013). 
Although the application of modern concepts of mechanics and the constant development of 
advanced tools for the structural analysis of masonry constructions, there is the need for improved 
knowledge about important issues such as: constitutive laws that define masonry behaviour; 
masonry components behaviour; efficiency of connections, among others. These issues can be 
further studied through experimental testing allied to numerical modelling approaches. Since 
masonry is a complex material to model due to the inherent anisotropy and variability of 
properties, only a few authors implemented constitutive non-linear models able to consider 
different strength and deformation capacity along the material axes, e.g. (Lourenço 2000) for 
finite elements and (Milani et al. 2007) for limit analysis. These models are not widely 
disseminated and can be hard to apply in traditional buildings given the difficulties to characterize 
the existing fabric with a high level of detail. An alternative, lowest-complexity level, solution is 
to adopt simple geometrical indices, e.g. (Lourenço and Roque 2006), to make a first, non-
binding, screening of seismic assessment. 
The knowledge obtained by an appropriate seismic evaluation of a structure can be used for the 
design of an appropriate repair/strengthening intervention (if needed) and enables the study of 
effects of these strengthening on the considered structure. Actually, recent earthquakes have 
revealed cases of inadequate implementation of repair/strengthening techniques, mostly due to 
incompatibility between the existing structure and the intervention technique or materials. The 
lack of knowledge on the existing materials, on their structural behaviour and interaction with the 
strengthening are the main causes of the inappropriate choice of the intervention techniques. 
The purpose of the present section is to outline some general aspects concerning masonry 
buildings including the performance of materials and structural behaviour of components. 
Strengthening techniques currently applied to these buildings are also briefly outlined. The 
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modelling strategies and analysis methods available to assess the seismic behaviour of masonry 
buildings and applied during the thesis work, are also addressed.   
2.2. GENERAL ASPECTS ON MASONRY BUILDINGS 
As mentioned above, masonry is the oldest building material used around the world. Therefore, 
the understanding of the masonry characteristics (composition, mechanical properties, units’ 
arrangement, ratio between units and mortar, etc.) is essential for the seismic assessment of 
masonry structures.  
Masonry is a heterogeneous material because of its constitution: a combination of units connected, 
or not, by mortar in order to obtain structural elements like walls, pillars, arches and vaulted 
systems (Casarin 2006). The masonry constituents, units and mortar, present different mechanical 
characteristics. Units are the resistant elements, while the role of mortar is connecting the single 
blocks to obtain a solid composite and to distribute and to transmit stresses. The diversity 
generated by the combination between the arrangement, the characteristics and geometry of units 
and mortar hinders the characterization of the masonry behaviour. The mechanical behaviour of 
the different types of masonry generally exhibits a common feature: a very low tensile strength. 
This property is so important that it has determined the structural shape of historical constructions.  
There are significant difficulties in performing advanced tests of existent structures because, 
besides masonry having numerous variations, it is impossible to characterize the behaviour of the 
whole structure based on a single specimen. Achieving good characterization of existing 
structures and materials, detailed enough in order to be used by advanced numerical models, is, 
most of the time, a very demanding task (Oliveira 2003). Non-destructive and minor destructive 
tests give valuable data without damaging the building. Unfortunately it does not provide enough 
information about the characterization of the structural material required by advanced modelling. 
Though, the feasibility of performing destructive tests on old buildings, either in situ or by 
removing samples large enough to be representative, is not possible due to conservation issues in 
most cases. The most conscientious option and the one usually chosen is to perform laboratory 
tests on masonry specimens representative of real constructions.  
The structural performance of masonry depends on several factors and it can only be characterized 
if the following factors are known: the geometry; the characteristics of its morphology, for 
instance if they are single- or multiple-leaf walls, and how the connection between the leaves is; 
the physical, chemical and mechanical components (brick, stone, mortar) and finally, the 
characteristics of masonry as a composite material (Binda and Saisi 2005). Compressive tests are 
generally easy to perform and give a good indication of the general characteristics of the materials 
(Lourenço 2002). Masonry has a non-linear behaviour and manifests a non-ductile post peak 
softening behaviour, which consists in a gradual strength decrement in a masonry specimen under 
a continuous increase of deformation. This characteristic is typical of quasi-brittle materials.  
Figure 2.2 shows the characteristic stress-displacement diagrams for quasi-brittle materials in 
uniaxial tensile and compression, as well as shear-compression loading (Lourenço 1996a). 








Figure 2.2  Typical behaviour of quasi-brittle materials under uniaxial loading (a) Tensile; (b) 
Compressive; (c) Shear – compression (Lourenço 1996a). 
2.3. SEISMIC BEHAVIOUR 
Typical unreinforced masonry buildings are, in general, composed of multiple load-bearing 
masonry walls arranged in orthogonal planes, with relatively flexible floor diaphragms. In the 
presence of a seismic event, it is generally assumed, for simplicity purposes, that the direction of 
the ground motion is parallel to one of the main directions of the building, distinguishing in-plane 
walls (parallel to the direction of ground motion) and out-of-plane walls (perpendicular to the 
direction of ground motion). The vertical (walls) and horizontal structural elements (diaphragms) 
of typical masonry buildings under earthquake excitation are schematically illustrated in Figure 
2.3.  
 
Figure 2.3  Scheme of a typical masonry building under earthquake excitation (adapted from Moon 
2004). 
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The seismic response of a masonry building is defined by the interactions between the in-plane 
walls, the out-of-plane walls, and the floor diaphragms through their connections. Post-earthquake 
damage surveys carried out worldwide enabled the characterization of the typical behaviour of 
masonry buildings under seismic loads.  The deformation and typical type of damage in structural 
walls of a simple masonry building subjected to seismic loads is presented in Figure 2.4. The 
characteristic damage pattern includes: cracks at the corners and wall intersections, which occurs 
as a result of insufficient connections; out-of-plane bending due to lack of connection between 
walls and floors; diagonal cracking in the in-plane walls, among others. Thus, damage in masonry 
buildings can be essentially interpreted on the basis of two fundamental collapse mechanisms: 
out-of-plane and in-plane. During an earthquake both out-of-plane and in-plane response are 
simultaneously mobilized. 
 
Figure 2.4  Typical deformation and damage of unreinforced masonry buildings under seismic loads 
(adapted from Tomaževič 1999). 
Masonry buildings represent a box-type structural system with vertical structural elements, walls, 
connected to horizontal diaphragms, floors and roof. Considering the typical structural 
organization of these elements, the capability of the structures to redistribute horizontal loads 
depends on the connection between orthogonal walls, the flexibility of the diaphragms and their 
connection to the masonry walls (Lourenço et al. 2011). The combination of the referred aspects 
provides the so called “box behaviour” to the building, which usually leads to a good performance 
of the structure when subjected to horizontal actions (Lourenço et al. 2009; D’Ayala 2011). 
However, the hypothesis of the box behaviour is very often far from the reality of the building 
response since it depends on the connections between elements and on the diaphragm stiffness. 
In the majority of the cases the structural elements behave separately.  
Evidence from the recent 2011 New Zealand earthquakes, among many others, confirmed that 
out-of-plane wall collapse was one of the main collapse mechanisms observed in masonry 
buildings, which is strongly dependent on the connection quality (Senaldi et al. 2012). When not 
properly connected to the roof, floors and perpendicular walls, a masonry wall can easily become 
unstable and collapse out-of-plane, compromising in this manner the global capacity of the 
structure. When walls are seismically excited in their own plane, the excitation has generally a 
small amplification because of the large stiffness and low natural period. On the contrary, walls 
Out-of-plane bending 
Direction of the seismic action 
Shear Shear 
Flexure Flexure
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subjected out-of-plane present a quite large seismic amplification, due to their low stiffness and 
high natural period.  
Hence, the structural performance of traditional masonry buildings to seismic actions depends on 
their capability to redistribute the horizontal loads through vertical elements, which allows 
exploring in-plane strength of the walls at its maximum and preventing local out-of-plane 
mechanisms. Assuming that the quality and state of conservation of vertical elements is good and 
that the horizontal elements have enough stiffness to redistribute horizontal actions, the building 
global performance is greatly influenced by the effectiveness of the connections between vertical 
elements and between vertical and horizontal elements. If these connections are ineffective, a 
global behaviour cannot be achieved and the building may collapse under the effect of low seismic 
excitations by developing local mechanisms (see Figure 2.5 for local and global mechanisms).  
 
(a) (b) 
Figure 2.5  Examples of collapse mechanisms in buildings (a) Local out-of-plane, (b) Global in-plane 
(Magenes 2006). 
In existing masonry buildings, local collapses often occur in case of an earthquake, generally due 
to loss of equilibrium of masonry parts, rather than a global failure mode associated with lack of 
integrity of the structure. Post-earthquake surveys and experimental research, conducted in the 
last years regarding the effects of earthquakes on ancient buildings, allowed the compilation of 
the typical seismic failure/collapse mechanisms associated to different masonry building types in 
an abacus in the form of graphical interpretation schemes (Lagomarsino 1998a; D’Ayala and 
Speranza 2002; Di et al. 2002; Binda et al. 2006; Cóias 2007; Franchetti 2009). This abacus 
represents local failures (loss of equilibrium) in different parts of the structure and was developed 
for religious and civilian constructions (isolated or aggregate constructions). Some examples are 
presented in Figure 2.6. The position of the openings (doors and windows) strongly affects the 



















  Figure 2.6 Abacus of damage mechanisms (a) Civil constructions; (b) Religious constructions  
(Lagomarsino 1998b; Beolchini et al. 2002; Binda et al. 2006; Franchetti 2009). 
2.3.1. Diaphragms 
It is not commonly observed in previous earthquakes that the failure occurs in the wood 
diaphragm itself (Yi 2004). Instead, observed seismic damage in unreinforced masonry structures 
often includes out-of-plane failures of walls as a result of excessive deflections of diaphragms 
and insufficient connections between them. As stated above, the interaction between diaphragms 
(floors and roof) and out-of-plane walls can compromise the seismic response of the entire 
building. This interaction is governed not only by the diaphragm stiffness but also by the strength 
and stiffness of the connections between these two elements.  
The walls’ response to a given seismic action excites the floor diaphragms in their borders (Paulay 
and Priestley 1992). The structural system has to be capable of transferring forces from the out-
of-plane walls through the diaphragms to the in-plane walls (Moon 2004). If the floor diaphragm 
is rigid, it acts as a hinge support to the out-of-plane wall and the displacements and accelerations 
in the floor will be equal to the wall in the connection (Paulay and Priestley 1992; Yi 2004). 
Contrarily, if the floor is flexible the displacements and accelerations of the floor borders and 
walls are not the same, and the support of the floor to the out-of- plane masonry walls can be 
consider like a spring support (Paulay and Priestley 1992; Yi 2004). A floor with greater rigidity 
is able to transmit forces to the masonry more effectively with respect to a floor with greater 
flexibility. Flexible diaphragms typically exhibits significant bending and shear deformations 
under lateral forces. Most of masonry buildings are constructed with wooden floor and roof 
diaphragms that are rather flexible and are often poorly tied into the walls (Park et al. 2008).  
Most of the Portuguese traditional buildings are made of unreinforced stone masonry walls and 
flexible timber diaphragms, with the exception of a few cases in which the timber floors and roofs 
provide efficient in-plane stiffness (Vasconcelos 2005). So, most of the diaphragms in existing 
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masonry structures are rather flexible leading to large acceleration amplifications when subjected 
to horizontal loads (Moon 2004).  
However, inappropriate use of techniques to increase the floor in-plane stiffness, for instance the 
introduction of concrete floors, leads to an increase in mass with the increase of seismic loads 
thus compromising the seismic response of the structure. A proper retrofit strategy for existing 
masonry buildings should account for the influence of the diaphragm flexibility and mass 
distribution on the response of the entire structure. Some experimental research has been 
conducted on the seismic behaviour of masonry buildings with relatively flexible diaphragms 
(Moon 2004; Yi 2004; Magenes et al. 2010a). Recently, Senaldi et al. (2013) carried out an 
extensive experimental work through full scale shaking table tests to study the influence of 
stiffened floor and roof diaphragms on the seismic response of a stone masonry building. For that 
purpose, a representative of existing stone masonry structures building with flexible wooden 
diaphragms was tested. Two other buildings, identical to the first one, were strengthened with the 
aim at improving the wall-to-floor and wall-to-roof connections and increasing diaphragm 
stiffness. Successful results were obtained for the strengthened buildings, which ensured a global 
response, preventing the occurrence of local failure mechanisms, through the enhancement of 
connections between walls and floors and the stiffening of floor and roof diaphragms. A critical 
discussion regarding the influence of the in-plane stiffness of the diaphragms on the overall 
seismic performance of masonry buildings is also addressed by Brignola and Podestà (2009). 
So, to guarantee the box behaviour, assuring that the horizontal forces are absorbed by the walls 
in their plane, three conditions have to be accomplished: sufficiently and suitable rigid diaphragm; 
adequate connection between walls and appropriate wall-floor and wall-roof link. 
2.3.2. Out-of-plane behaviour  
The out-of-plane failure of unreinforced masonry walls constitutes the most serious life-safety 
hazard for masonry buildings. For this reason, the out-of-plane failure is the most demanding and 
represents the response of masonry walls to horizontal actions perpendicular to their plane, which 
generally fail by overturning (Casarin 2006).  
Surveys of seismic damage in masonry structures lead to conclude that the collapse often includes 
out-of-plane failures of walls, driven by excessive deformation of diaphragms and the insufficient 
connections among them (Magenes and Calvi 1997). However, this type of failure can be 
prevented if sufficient anchorage is provided between walls and floors and effective connection 
between in-plane and out-of-plane walls.  
This type of failure is typically local, usually happening in structural elements causing the collapse 
of parts of the building. Figure 2.7a presents an out-of-plane rotation of the facade due to lacking 
of connection between orthogonal walls and diaphragms. An out-of-plane collapse, with the 
overturning of the façade walls of the top floor, is shown in Figure 2.7b for a building damaged 
by the 2011 Christchurch earthquake. This failure was a result of the lack of connection between 
internal and exterior walls not allowing the box behaviour to develop. An example of a failure 
mechanism caused by the inadequate consolidation of the walls with the rigid floor is presented 
in Figure 2.7c. Finally, Figure 2.7d presents an example of the overturning of a corner wedge due 
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to ineffective connection between external walls, insufficient anchoring of the floors to the 
perimeter walls and the presence of openings near the edges (the crack line often follow the 













Figure 2.7  Examples of out-of-plane failures during earthquakes: (a) Overturning of façade; (b) 
Overturning of portions of the façade; (c) Partial overturning of façade (effect of 
openings) (Binda et al. 2006); (d) Overturning of corner wedge (Lagomarsino 1998b; 
Beolchini et al. 2002; Binda et al. 2006; Franchetti 2009). 
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2.3.3. In-plane behaviour 
The in-plane behaviour of masonry walls can be activated when an effective overall building 
response is accomplished by preventing brittle out-of-plane failure with appropriate connections 
between elements. Therefore, if connections are improved by appropriate reinforcement systems 
(for instance: steel ties at the floor levels, reinforcement solutions for the connections) in order to 
prevent local mechanisms, a global behaviour governed by the wall in-plane response can then 
develop.  
Examples of typical in-plane failures verified during past earthquakes are presented in Figure 2.8. 
The damage verified in the in-plane walls is remarkably different from the damage caused by an 
out-of-plane failure (Figure 2.7 and Figure 2.8). Out-of-plane failures often involve the collapse 




Figure 2.8  Examples of in-plane failures (Beolchini et al. 2002; Magenes and Griffith 2009a). 
Methods to assess the seismic performance of existing masonry buildings based on the 
individualization of the in-plane response of structural walls are well known and have been 
extensively used. The POR method was developed in the 1980s and considers a storey failure 
mechanism in which the global response of each storey in terms of base shear-storey displacement 
is computed as the sum of the individual response of each wall (Tomaževič 1978). The structure 
is schematized taking into account only the resistance of the vertical masonry elements. This 
method assumes the following basic hypotheses: infinitely rigid floors in their plane; box 
behaviour; decomposition of the building in resistant walls; only translation in the panel ends and 
elastic-plastic material. Likewise, the simplified linear static analysis presented in FEMA 356 
(2000) assumes the decomposition of the building in resistant walls which are relatively rigid 
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elements. In case of linear analysis, the safety verification with reference to the ultimate limit 
state consists in the comparison between the resistance of each structural element and the action 
for each failure mechanism. This last method is further discussed in Chapter 5. 
In a common masonry wall with openings (doors and windows) two main elements can be 
distinguish: piers, which are the shear walls between openings, and spandrels, which are the 
beams above and below openings (see Figure 2.9) Piers are the principal vertical resistant 
elements to seismic loads. Generally, in-plane failures occur in only one of these two elements, 
and the final collapse of masonry structures is usually a result of pier failure (Calvi et al. 1996).  
 
Figure 2.9  Typical in-plane masonry wall and main structural elements (adapted from Calderini et 
al. 2008). 
According to post-earthquake surveys and experimental studies, four types of failure mechanisms 
define the behaviour of structural masonry walls under in-plane seismic actions: rocking and toe 
crushing (flexural); sliding and diagonal cracking (shear) (Moon 2004; Calderini et al. 2008). 
Various publications (Magenes and Calvi 1997; Tomaževič 1999; Mallardo et al. 2008) identify 
a total of three failure modes, in which rocking and toe crushing are not considered separately, 
being instead named flexural failure. Rocking occurs when the wall begins to behave as a nearly 
rigid body rotating about the toe, usually when the vertical load is low in relation to compressive 
strength of the pier and the horizontal load produces a flexural motion making the pier bend 
around the toe (Figure 2.10a). Toe crushing failure, typically observed after rocking deformations, 
is usually associated with the compressive failure of masonry occurring at the toe of the pier 
(Figure 2.10b). This failure mode typically happens when the vertical load applied is high and the 
horizontal load causes progressive sub-vertical cracks in the corner of the pier.  
The sliding failure is characterized by the wall deformation by sliding along a horizontal bed joint 
plane, usually located at one of the extremities of the pier (Figure 2.10c).  Within the diagonal 
cracking mode the failure occurs due to the formation of diagonal cracks that usually develop in 
the centre of the wall and propagate toward the corners (Figure 2.10d). This failure mode 
generally occurs in the bond between unit and mortar because this is often the weakest link in 
masonry assemblages (Lourenço 2002). The cracks propagate through the mortar joints, in a stair-
stepped manner, or directly through the units depending on the relative strength of the bond and 
units. Walls will fail in the weakest of these failure modes and its occurrence depends mainly on 
the wall’s geometry (relation between height and width), boundary conditions, compression stress 
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(a) (b) (c) (d) 
Figure 2.10 Typical failure mechanisms of masonry piers: (a) Toe crushing; (b) Rocking; (c) Sliding; 
and (d) Diagonal Cracking (adapted from Moon 2004 and Calderini et al. 2008). 
These four failure modes can be classified according to the type of behaviour: deformation-
controlled or force-controlled modes, see Table 2.1. Toe crushing and diagonal cracking failures 
are force controlled since is the applied horizontal force that governs the capacity of the pier, 
while rocking and sliding behaviour are controlled by the displacements of the pier since the 
instability is attained for a certain maximum displacement. Typically these last failure modes can 
exhibit large deformation capacities. 
Table 2.1  In-plane failure modes. 
Mode Flexure Shear 
Force Controlled Toe Crushing Diagonal Cracking 
Displacement Controlled Rocking Sliding 
The characterization of the behaviour of historic masonry walls due to in-plane loading has been 
carried out by several authors thorough experimental campaigns (e.g. (Anthoine et al. 1995; 
Oliveira 2003; Vasconcelos 2005; Angelini et al. 2007; Seki et al. 2008; Magenes et al. 2008b; 
Elmenshawi et al. 2010; Magenes et al. 2010b; Capozucca 2011; Silva 2012; Churilov and 
Dumova-Jovanoska 2013)). Still, the huge number of possible combinations generated by 
geometry, mechanical properties of masonry, compressive stress state as well as boundary 
conditions are a permanent challenge for the characterization of masonry walls. Numerical 
analysis can be considered as auxiliary to experimental tests, allowing the assessment of masonry 
walls in-plane behaviour when varying some parameters without the need of extensive 
experimental work. For instance Anthoine et al. (1995), Annecchiarico et al. (2009) and Silva 
(2012) carried out numerical simulations as a complementary study of the experimental tests with 
this purpose. 
Analytical formulations able to describe the behavior of each failure mode are available in 
literature (Turnsek and Cacovic 1971; Turnsek and Sheppard 1980; Mann and Muller 1982; 
Magenes and Calvi 1997; FEMA 356 2000; EC8 2003; NZSEE 2006; NTC 08 2009) and will be 
detailed discussed in Chapter 3. 
Overturning
 








Efficient connections between elements allow for the proper load transmission between out-of-
plane walls to the more stable in-plane walls, thus avoiding local collapses, which, according to 
known earthquakes (Azores 1998, L’Aquila 2009 and Christchurch 2011) are the main cause of 
fatalities and cultural losses. Accordingly, the behaviour of single connections between structural 
elements can converge into an adequate global structural response of these buildings (D’Ayala 
2011). Assuming that the quality and state of conservation of vertical elements is good and that 
the horizontal elements have enough stiffness to redistribute horizontal actions, the building 
global performance is greatly influenced by the effectiveness of the connections between vertical 
elements and between vertical and horizontal elements. If these connections are ineffective, a 
global behaviour cannot be achieved and the building may collapse under the effect of low seismic 
excitations by developing local mechanisms. Furthermore, the connections between the floor 
diaphragms and the masonry walls play an important role in the nonlinear behaviour of structure.  
As can be seen in Figure 2.11, the response of a masonry building to an earthquake excitation 
strongly depends on how the walls are interconnected and anchored at the floor and roof levels. 
In the presence of a flexible floor to which walls are not tied, vertical cracks develop along the 
joints between walls at corners and intersections, leading to a possible out-of-plane local 
mechanism (Figure 2.11a).  If the walls are well tied between them and connected with the floor, 
with a flexible or rigid diaphragm, the building vibrates as a monolithic structure (Figure 2.11b 
and Figure 2.11c). One of the basic condition to seismic resistance, the energy dissipation capacity 
of a building, can be significantly improved if a monolithic behaviour is ensured. Thus, the 
efficiency of the connections between structural elements determinates the behaviour of the 
building during an earthquake and can be a decisive factor in terms of whether or not collapse 




(a) (b) (c) 
Figure 2.11 Typical seismic behaviour: (a) Flexible floor and weak connection between orthogonal 
walls; (b) Flexible floor and good connection between orthogonal walls; (c) Rigid floor 
and good connection between orthogonal walls (Tomaževič 1999). 
2.4. STRENGTHENING TECHNIQUES 
Different strengthening techniques have been developed to mitigate failure mechanisms that 
develop on masonry buildings during earthquakes. The intervention solutions for masonry 
buildings can be performed at an individual or global level, by improving the behaviour of specific 
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structural parts of the buildings or by ensuring the monolithic behaviour of the structure (box 
behaviour). Some current solutions are referred hereafter, but not aiming to cover all possibilities 
of intervention. As this thesis includes the strengthening of connections using anchors, special 
attention to this technique is given here. 
2.4.1. Walls and floors 
Within the methods to improve the seismic capacity of masonry walls, the repointing of the 
masonry joints with an appropriate mortar is recurrent. (Corradi et al. 2008). Deep repointing of 
mortar joints consists in the removal of the deteriorated mortar and its substitution with new 
materials, which have better characteristics in terms of strength and durability. The typical 
construction of stone masonry walls, characterized by two outer leaves of stones with inner infill 
of smaller pieces of stones bonded with generally poor lime mortar, commonly creates many 
voids between the components.  The filling of voids by injection of better quality cement mortar 
can considerable improve the resistance of a wall by restoring its continuity (Tomaževič 1999; 
Moon 2004).  
The strengthening of walls by lateral confinement can also significantly improve the resistance 
and energy dissipation capacity of these elements (see Figure 2.12). Its purpose is to confine the 
cross section of the walls, especially walls composed by multiple leaves, promoting its structural 
integrity through a good bond between facings (Roque 2002). On the other hand, the application 
of FRP composite materials for strengthening masonry walls is an innovative and emerging 
retrofitting technique (Moon 2004). Bonding the walls with FRP is used to increase the strength 
and ductility of walls subjected to in-plane or out-of-plane loading (Valluzzi 2002; Marcari et al. 
2007; Alcaino and Santa-Maria 2008; Zhuge 2008; Nardone et al. 2009). 
 
Figure 2.12 Transversal ties in masonry walls (Lamego 2014). 
The main role of floors in the seismic behaviour of a masonry building is to transfer the horizontal 
actions through the vertical elements. There are different timber floor strengthening techniques to 
improve the in-plane stiffness. Few research works were carried out to characterize the original 
flexible timber floors and roofs and to study compatible techniques for their strengthening 
(Baldessari et al. 2009; Branco 2009; Gattesco 2009). 




Besides the strengthening of individual structural walls, special care should be put in the 
strengthening of the connections in order to ensure structural integrity. The seismic response of 
masonry buildings to past earthquakes showed that the strengthening of connections between 
structural components (walls and floors) can enhance the global seismic performance in a 
significant way. Senaldi et al. (2012) presents some successful examples of retrofitted masonry 
buildings that survived to the recent 2011 NZ earthquake without suffering major damage. It was 
observed that the strengthening of connections using anchoring systems and the insertion of steel 
tie rods at floor and roof levels proved to be effective in preventing local out-of-plane collapse of 
walls under seismic events.  
Improvement of the structural integrity of masonry buildings with steel ties, generally introduced 
at the floors level is an ancient and a recurrent practice, perhaps even the solution most often 
adopted in the past, in different times and cultures (Gavrilovic and Jekic 2009; Sendova et al. 
2009). By connecting all the structural elements of the building, this technique can enhance in an 
effective way the seismic overall response of the structure.  
The performance of connections in masonry buildings has been studied by a few authors, either 
evaluating the behaviour of a single connection or analysing the effect of connections on the 
global behaviour of a building. For example, the use of steel to strengthen ancient masonry 
buildings has been observed since the 1920s (Wenzel and Maus 1992). Some other examples of 
traditional and innovative strengthening solutions for connections can be found in (Magenes 
2006; Mandara et al. 2009; Mazzolani et al. 2009; Modena et al. 2010). On the other hand, a 
dissipative device to improve the connection of perpendicular walls was recently proposed 
(D’Ayala and Paganoni 2014). 
Injected anchors are particularly well suited to repair and strengthen ancient masonry buildings 
as they allow for an effective connection between elements, thus avoiding overturning of walls 
excited out-of-plane. Injected anchors are a common strengthening method for masonry buildings 
and a number works are available in literature (Wenzel and Maus 1992; Gigla and Wenzel 2000; 
Arifpovic and Nielsen 2004; Gigla 2004; Meyer and Eligehausen 2004; Weigel and Lyvers 2004; 
McGinley 2006; Algeri et al. 2010; Haman and Jaeger 2011). However, there is an evident lack 
of experimental and numerical studies to characterize the behaviour anchors applied to ancient 
masonry, which are necessary for a clear characterization of the structural behaviour of this 
strengthening solution.  
Figure 2.13a illustrates a possible strengthening solution for the improvement of the behaviour of 
wall-to-floor connections using two parallels anchors injected in the masonry wall, linked to the 
floor with L-shape steel plates. Equally, a solution for the improvement of the connection between 
external and internal walls is shown in Figure 2.13b, consisting of two parallel anchors injected 
in the external masonry wall and connected to the internal wall by means of suitable steel plates. 
Due to its importance, injected anchors will be further addressed in Chapter 4. 









Figure 2.13 Strengthening techniques using injected anchors for the connection between structural 
elements: (a) Wall to floor connection; (b) Wall to half-timber-wall connection (Moreira 
et al. 2012). 
Although experimental campaigns aiming at studying the behaviour of injected anchors in both 
brick and stone masonry walls have been carried out by a number of researchers (Meyer and 
Eligehausen 2004; Arifpovic and Nielsen 2004; Gigla 2004; Algeri et al. 2010; Haman and Jaeger 
2011), the design of injection anchors for masonry is still a challenge due to the lack of codes and 
recommendations regarding the estimation of the strength capacity. A detailed discussion on the 
analytical formulations available in literature is carried out in Chapter 4. 
2.5. ANALYSIS METHODS AND MODELLING ISSUES  
The analysis methods to assess the seismic behaviour of masonry buildings have been 
progressively developed. The need for more suitable methods for the analysis of heritage masonry 
structures has stimulated the research on this subject and as a result numerical analysis methods 
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have made significant progress in the last decades. Advanced analysis methods have been 
developed combining accurate material description and structural models, particularly in the field 
of finite element analyses (Orduña 2003).  
The assessment of the seismic behaviour of masonry structures or substructures can be obtained 
by applying a static or dynamic analysis with linear or non-linear behaviour. In addition, masonry 
buildings can be studied by limit analysis, evaluating the main failure mechanisms likely to occur, 
in order to obtain the mechanism that triggers the collapse and the corresponding load at failure. 
Figure 2.14 presents a scheme that groups the main analysis methods used for the seismic analysis 










Figure 2.14  Analysis methods. 
In general, linear static analyses are not appropriate for ancient constructions, considering that 
masonry presents non-linear behaviour since very low load levels due to the low tensile strength 
of masonry (Orduña 2003). The non-linear nature of masonry behaviour and the intrinsic dynamic 
aspect of seismic actions suggest that the best option to evaluate the vulnerability of a building to 
an earthquake is considering both the non-linearity of the material and the dynamic nature of the 
excitation.  
Non-linear dynamic analysis with time integration is the most powerful method, which, provided 
with accurate and appropriate constitutive models, can give very rigorous results. Here the action 
is characterized by sets of natural, synthetic or artificial accelerograms. Response time histories 
analyses are obtained from numerical integration of differential equations of motion, considering 
the inertia and damping effects. Another non-linear dynamic approach is the incremental dynamic 
analysis. This is a parametric method and consists on subjecting the structure to a series of 
nonlinear time-history analyses of increasing intensity to estimate the structural capacity under 
earthquake loading. Incremental dynamic analysis provides a continuous picture of the system 
response, from elasticity to yielding and final to collapse and the results of this method are plotted 
a curved of response parameterized versus the record intensity level (Marcari and Abrams 2009) 
(Vamvatsikos & Cornell, 2002). The main objective of this approach is attaining a more accurate 
indication of the nonlinear dynamic response of a structure under earthquake action. Examples of 
the application of incremental dynamics analysis to the seismic evaluation of structures can be 
found in literature  (e.g. Mander et al. 2006; Lu et al. 2010). However, non-linear dynamic analysis 
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requires very qualified analysts to perform and interpret the results; is a very time and cost 
consuming approach and requires for detail characterization of the mechanical behaviour of 
masonry. Hence, the intrinsic complexity and the additional computational effort makes the 
application of this method limited, typically used to evaluate the seismic resistance of valuable 
assets.  
In linear dynamic methods, linear-elastic behaviour of the structure is considered and the seismic 
action simulated as dynamic. The usual approach is to use a modal analysis of a structure 
considering all the vibration modes and simulate the seismic action through a response spectrum. 
In this analysis method the non-linear material behaviour is studied by using global behaviour 
factors. As stressed by Lourenço (2001), the consideration of linear elastic behaviour for historical 
masonry structures is, generally, not recommend due to the strong non-linearity that masonry 
presents. 
During the last few years, displacement-based methodologies, such as the pushover analysis, are 
being more and more recognized as practical and suitable tools for the evaluation of the seismic 
response of existing structures (Magenes 2000; Salonikios 2003). Pushover analysis can be an 
effective alternative to traditional methods of linear seismic analysis considering the difficulties 
related to non-linear time-history analysis (Augenti and Parisi 2009). The complexity and 
computational demand required by nonlinear dynamic analysis led to the development of new 
methods for the seismic assessment based on a simplified mechanical approach. These have been 
consolidated during the 1990s, as the capacity spectrum method (Freeman 1998) and N2 method 
(Fajfar and Eeri 2000) and were considered within modern regulations both for designing new 
structures and assessing existing ones (FEMA 356 2000; EC8 2003; OPCM 2003).       
Pushover analysis includes material nonlinear behaviour and the seismic action is simulated by 
static horizontal forces. Pushover analysis has been gaining significance over recent years as a 
tool for the assessment of masonry structures (e.g. Casarin 2006; Galasco et al. 2006; Betti and 
Vignoli 2011; Lourenço et al. 2011; Araújo et al. 2012; Simões et al. 2012; Simões and Bento 
2013). Many different approaches of pushover analysis are available depending on the load 
pattern chosen, being the most common: uniform distribution; proportional to the mass and 
proportional to the vibration modes. The uniform load pattern approach presupposes the linear 
distribution of the displacement along the height. In the proportional to the mass pushover 
approach, the seismic effect is defined by the base shear coefficient, which defines the percentage 
of the total weight of the building that must be considered as a horizontal force applied to the 
structure. The proportional to the mass analysis has been carried out for several researchers 
(Romano 2005; Casarin 2006; Mendes and Lourenço 2010; Betti and Vignoli 2011; Araújo et al. 
2012; Simões et al. 2012). The modal proportional load pattern is obtained by applying a quasi-
static horizontal load derived from the critical mode shapes of the structure or the fundamental 
vibration mode (Chopra and Goel 2001; Antoniou and Pinho 2004; Kalkan et al. 2006; Pan and 
Ohsaki 2006; Ferracuti et al. 2009). 
The structural model of a masonry building should contemplate and simulate all the aspects that 
influence the structural response, including the geometry and morphology of the building, the 
material properties, the external actions, existing alterations and damage and the soil-structure 
interaction. However, the structural modelling approach must balance the realism with the model 
preparation efforts and time of the analysis, keeping the model as simple as possible. Fully three-
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dimensional models are usually very time-consuming: both in preparing the model, in performing 
the computation and mostly in analysing the results. 
Advanced and complex numerical models are usually used for comprehensive analysis of single 
elements. After a calibration/validation process against experimental data, these models become 
valuable tools for carrying out parametrical analyses using different boundary conditions, type of 
loads and materials properties, connections, among others. A global model of the structure is 
generally used when the building resistance to seismic actions is provided by the combination of 
all the structural parts, such as floor diaphragms and in-plane response of structural walls. 
The numerical representation of masonry can generally focus on the micro-modelling of the 
individual components, units and mortar, or the masonry as a composite. In the continuum finite 
element modelling approach, masonry is modelled as an equivalent material, rather than 
modelling units and mortar separately. The equivalent continuum models must represent the 
masonry intrinsic structure by means of appropriate constitutive relations, for example, derived 
from homogenization techniques (Lemos 2007; Lourenço 2009a). 
Finite element analysis can be very time and computational consuming. For this reason, several 
methods based on macro-element discretization have been developed, requiring a low 
computational effort (Magenes 2006). The macro-model is an assembling of blocks attempting to 
represent the mechanical behaviour of the structure and already implemented in TreMuri and 
SAM II software. Normally the models are elaborated according to the damage observed in the 
structure and also taking into account the typical failure mechanisms reported in the literature 
(addressed in section 2.2.1).  
The consideration of an analysis instead of another relies in several aspects. Firstly, an essential 
point is taking into consideration the compatibility of the analysis tool with the information 
sought, which also depends obviously of the geometry and structural characteristics of the 
building. Besides, the engineer must have depth knowledge regarding the analysis tool and 
method to be applied. At last, a good accordance between available financial resources, time 
requirements and accuracy of results is requested. The distinct methods of analysis have different 
computational and time efforts as well as different levels of accuracy. The idea of combining 
different analysis procedures for the assessment of masonry constructions is legitimately and 







































Bearing in mind the typical lay-out of a traditional masonry building, stone masonry walls are the 
most relevant structural element in the seismic response of the whole structure since they 
represent the basic resisting elements to horizontal actions. Masonry walls play an important role 
since besides withstanding vertical compressive forces, they are expected to resist to in-plane 
lateral loads usually induced by wind and earthquakes, which are transferred to them primarily 
by horizontal diaphragms. Post-earthquake investigations have shown that, once the out-of-plane 
mechanisms are prevented by proper measures, the seismic response of a building depends on the 
in-plane strength capacity of its walls. Consequently several investigations were done in the past 
to characterize the in-plane behaviour of masonry walls. A large majority of these studies consist 
of experimental campaigns, testing the shear resistance of piers. Nevertheless, very few of the 
latter focus on carrying out numerical studies, disregarding the potential of a computational lab.  
This Chapter presents the study of the in-plane behaviour of masonry walls with different 
slenderness ratios and distinct levels of axial load, based on the experimental campaign performed 
at the EUCENTRE and University of Pavia on double leaf stone masonry piers (Galasco et al. 
2010; Magenes et al. 2010b). The behaviour of the masonry walls subjected to compressive and 
shear loading was studied using advanced numerical simulations. Several numerical simulations 
were performed, starting with linear elastic analysis comprehending the global model response. 
First, numerical models were calibrated on the basis of results that emerged from the experimental 
campaign. Afterwards, validated models were used to carry parametric analysis varying the 
geometric wall configuration and pre-compression level, in order to evaluate the influence of 
these parameters on the in-plane behaviour.  
As stressed in Chapter 2, masonry walls can suffer distinct failure modes depending on several 
parameters, including the pre-compression level and slenderness ratio. Numerical simulations 
using appropriate validated models can provide reliable results, particularly useful to carry out 
parametric studies, nearly impracticable from the experimental point of view due to time, and 
resources limitations. The confidence in these computational predictions rely on the validation of 
the numerical model against experimental results.  
The drift capacity of the studied masonry walls is also outlined here, including the comparison 
and discussion with the drift limits imposed by codes. For this purpose, the mechanical properties 
of masonry were also varied, in order to obtain more extensive data. As the boundary conditions 
influence in the drift capacity, they are also addressed in this section. 
Finally, the usage of the available simplified formulations to predict the strength capacity of walls 
is discussed. Analytical formulations have been developed and documented, trying to characterize 
the in-plane wall strength and taking into account the behaviour of different failure modes, by 
several researchers (Turnsek and Cacovic 1971; Turnsek and Sheppard 1980; Mann and Muller 
1982; Magenes and Calvi 1997; Tomaževič 1999). Furthermore, guidelines have been proposed, 
e.g. in New Zealand (NZSEE 2006) and by the American Society of Civil Engineers (FEMA 356 
2000), to determine which failure mode will govern the response, for a wall with particular 
material properties, axial load and boundary conditions. Thus, available formulations were used 
to estimate the lateral shear strength, and their predictions were compared among themselves and 
with the numerical and experimental masonry wall results. 
Chapter 3 – In-plane Behaviour of Masonry Walls 
 
29 
3.2. OUTLINE OF THE EXPERIMENTAL RESEARCH 
PROGRAMME 
A comprehensive experimental research work on masonry walls was carried out in EUCENTRE 
and University of Pavia laboratories, Italy (Galasco et al. 2009; Galasco et al. 2010; Magenes et 
al. 2010b). These walls were representative of existing buildings constructed with double-leaf 
stone walls. The masonry typology is constituted by two vertical leaves of stones placed side by 
side along the wall thickness. For this kind of masonry typology only few experimental results 
are available. The selected natural stones come from Bergamo and are sedimentary rocks made 
of calcareous sandstone. This stone was widely used in the past as a building material in Italy and 
is characterized by good mechanical properties, with a density of 2580 kg/m3, a compressive 
strength of about 170 MPa and a flexural strength of about 19 MPa, as documented in (Magenes 
et al. 2010c). In order to satisfy the requirement of having a mortar consistent with historical 
buildings, a pre-mixed natural hydraulic lime mortar with a compressive strength non-exceeding 
2 MPa was used. 
Information about materials and construction characteristics of the undressed double leaf stone 
masonry and its mechanical characterization by uniaxial compression and diagonal compression 
tests are reported in (Magenes et al. 2010c). The testing program included 6 specimens with 
nominal dimensions of 1200x800x320 mm subjected to uniaxial compression and 6 specimens 
with nominal dimensions of 1000x1000x320 mm subjected to diagonal compression. Vertical 
compression tests consisted in applying a cyclic compression force on the masonry specimen, 
trying to distribute vertical stress as uniformly as possible and keeping the resultant force centred 
on the wall section. Detailed information about the loading and unloading cycles is provided in 
(Magenes et al. 2010c). The deformation was measured for increasing levels of compressive loads 
giving important information regarding the characteristics of masonry. Through the evaluation of 
the elastic behaviour range it is possible to characterize the elastic properties of masonry: Elastic 
modulus [E] and Poisson's coefficient [ν]. Diagonal compression tests were used to determine the 
characteristics of shear stiffness [G] and strength of masonry [fc, ft]. The results from these tests 
allowed to collect some data concerning the mechanical properties of the masonry, which are 
summarized in Table 3.1.  
As stated by Magenes et al. (2010c) the values of elastic modulus obtained from the experimental 
tests are significantly higher than those suggested by the Italian code (NTC 08 2008). These will 
be further discussed during the model calibration procedure.  
Table 3.1 Mechanical properties of masonry (tests on 6 specimens) (Magenes et al. 2010b). 
 EF [MPa] E [MPa] EG	[MPa] G [MPa] 
Interval 3.07 – 3.48 2274 - 2826 0.112 – 0.161 740 - 940 
Mean 3.28 2550 0.137 840 
Modelling of the Seismic Performance of Connections and Walls in Ancient Masonry Buildings  
 
30 
In-plane cyclic shear tests were carried out aiming at reproducing the behaviour of masonry piers 
subjected to in-plane reversed cyclic load, representative of the seismic action. Constant axial 
forces representative of gravity loads and a cyclic horizontal displacement history were applied 
at the top of the wall. Two geometric configurations were tested for different levels of pre-
compression, 0.2 MPa and 0.5 MPa. All specimens have a nominal thickness of 320 mm and are 
2.5 m high. Two of them are 2.5 m long with a slenderness ratio (h/l) equal to 1, which were 
named “squat” piers (CT01 and CT02), and another two are 1.25 m long with a slenderness ratio 
(h/l) equal to 2, named "slender" piers (CS01 and CS02). The dimensions of the specimens have 
been selected taking into consideration real walls (see Figure 3.1). 
   
 
(a) (b) (c) (d) 
Figure 3.1  Wall specimens for in-plane cyclic tests: (a) CS01 wall; (b) CS02 wall; (c) CT01 wall; 
(d) CT02 wall (Magenes et al. 2010b). 
Specimens were built on a 0.40 m thick reinforced concrete foundation fixed to the floor. The 
hydraulic actuators apply the axial load to the specimen through a steel loading beam connected 
to a reinforced concrete spreader beam directly cast on top of the specimen. A third actuator is 
used to impose horizontal displacements to the top of the piers. The test setup imposes fixed 
restrain conditions to the piers at the bottom and top, giving a double bending configuration to 
the tests (Figure 3.2).  
   
Figure 3.2  Scheme of the experimental test setup (Magenes et al. 2010b). 
ℎ #I = 2 ℎ #I = 2 ℎ #I = 1 ℎ #I = 1 
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As a first step, specimens are subjected to axial load applied by vertical actuators which restrain 
the rotation of the steel top beam by means of a “hybrid” control (applying a constant total axial 
load and maintaining the same vertical displacement). In a following phase, the horizontal 
actuator applies a cyclic force in the top beam, force controlled at the beginning of the test and 
imposing increasing displacements afterwards. The test is stopped when the specimen presents 
potentially dangerous damage or a significant drop of lateral strength. 
By subjecting the walls to shear in-plane loading, important information was gathered concerning 
the failure mechanisms, maximum displacement capacity and shear strength. The results provided 
by the tests, namely the force-displacement curves and failure modes, are presented in Figure 3.3 
for each wall. 
  
Failure: Shear Failure: Flexure and Shear 
 
 
Failure:  Shear Failure:  Shear 
Figure 3.3  Experimental test results (Galasco et al. 2010).  
Experiments revealed that piers CS01, CT01 and CT02 fail in shear by the development of 
diagonal cracking. The formation of diagonal cracks determined the maximum shear resistance, 
limiting as well the deformation capacity. The slender specimen CS02, characterized by low 
compression level, showed a combined flexural and shear failure. The deformation capacity of 
this wall was noticeably higher due to the flexural behaviour observed during the test.  
The in-plane capacity of a masonry pier is strongly dependent on its slenderness (h/l) ratio. 
Slender piers achieve lower maximum horizontal force, less than half, in comparison to the squat 
piers with the same compression level. The maximum horizontal force reached by the specimens 
was: 94kN for CS01, 48kN for CS02, 234kN for CT01 and 154kN for CT02. The piers subjected 
to higher compressive loads proved to have more capacity in terms of horizontal load with a more 
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brittle failure at the final branch, when compared with the ones with the same geometry. No 
evidences were found of the occurrence of significant sliding in any of the tests (possible sliding 
surfaces were monitored by displacement transducers).  
3.3. NUMERICAL MODELS 
3.3.1. Models Definition 
Numerical models were used to represent the previously tested masonry walls aiming at further 
discussing and better understanding the experimental results. Since walls with two geometric 
configurations were tested, two different numerical models were constructed to represent squat 
(CT) and slender walls (CS) (Figure 3.4). The finite element method was adopted for carrying out 
all numerical calculations, using the software DIANA 9.4 (2009). The experimental setup was 
numerically simulated including, besides the masonry wall, the top concrete and steel beams and 
the reinforced concrete foundation. The steel loading beam was simulated with an equivalent 
rectangular section, without changing the inertia properties, fixing the height of the beam.  
 
Figure 3.4  Representative scheme of the numerical models (dimensions in meters). 
The masonry was modelled following a macro-modelling approach, assuming the masonry as a 
composite material, where joints are smeared out in continuum elements. This modelling strategy 
is a valuable alternative to the modelling of the masonry components (units, mortar and interfaces) 
and assumes the use of average mechanical properties for masonry (Lourenço 1996a; Lourenço 
2009b). The macro modelling approach is well diffused and has been successfully used by several 
authors (Berto et al. 2004; Betti and Vignoli 2008b; Mallardo et al. 2008; Abruzzese et al. 2009; 
Annecchiarico et al. 2009), giving a reliable estimation of masonry response. By considering the 
masonry as a homogenous material, the computational time and memory requirements decreases 
substantially and the mesh generation is more straightforward, when compared with a model in 
which units and mortar joints are separately discretized (Lourenço 2002). Additionally, units and 
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Finite element models were constructed using 2D plane stress elements since the stress 
components perpendicular to the face are negligible due to the small thickness of the walls, and 
the loading acts in the plane of the element. A regular mesh discretization was developed using 
eight-node quadrilateral isoparametric plane stress elements based on quadratic interpolation and 
Gauss integration for both models, CQ16M (TNO DIANA 2009). The model for the CT walls is 
presented in Figure 3.5(a) with a 1686 nodes and 534 elements mesh, and the model of CS walls 
is shown in Figure 3.5(b) and has 1472 nodes and 449 elements. The numerical simulation of the 
four walls experimentally tested was obtained by applying the corresponding pre-compression 
level in each wall.  
  
(a) (b) 
Figure 3.5  Numerical models (mesh discretization): (a) CT walls and (b) CS walls. 
Code values of elastic modulus, Poisson coefficient and density were used for concrete and steel. 
The masonry mechanical properties were assigned to the models as starting point in accordance 
with the experimental characterization. Table 3.2 summarizes the material properties used for the 
numerical models in this preliminary linear analysis stage. Note that no calibration process was 
carried out at this stage. 
Table 3.2  Material properties for the preliminary linear analysis phase. 
 






Masonry 2.55 0.2 1900 
Steel  210 0.3 7850 
Concrete 30 0.2 2500 
The boundary conditions and the load application procedure are defined according to the 
experimental setup described in section 3.2. The model assumes that the different materials are 
fully connected, since no significant sliding between materials occurred during the experimental 
tests for any wall. Thus, fixed-fixed conditions are assured in the numerical models: pinned 
supports at the base reinforced concrete beam are imposed and the rotation at the top metallic 
beam is prevented using model constraints that impose dependencies between degrees of freedom. 
In this way, the possible rotation of the top metallic beam is not allowed, as imposed by the 
experimental apparatus. 
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Numerical models intent to be representative of the behaviour of this type of masonry walls given 
that these models will be used for an exhaustive parametric analyses. 
3.3.2. Models Calibration  
As previously referred, the numerical simulation of the masonry walls considered in a first 
instance linear elastic models, for comparison and calibration with the data emerged from the 
experimental shear tests. This is essential to obtain confidence in the numerical results. An attempt 
was made of calibrating the four different walls on the basis of linear analysis. Preliminary 
analyses were carried out using the available experimental parameters (see Table 3.2). Two types 
of loads representing the vertical compression and the envelope of the horizontal cyclic force 
were considered in each numerical analysis. The vertical compression was applied first uniformly 
to the top of the steel beam and the horizontal load was simulated by a displacement. It is noted 
that the self-weight of the wall, foundation and top beams is also considered in the analyses. 
Figure 3.6 summarizes the linear force-displacement response of the four walls (CS01, CS02, 
CT01 and CT02). The numerical response is compared to the corresponding experimental 
envelope range, which is obtained by plotting the envelope in both directions, up to 10 millimeters 
of displacement. A quick analysis of the numerical model responses showed that the, in general, 





Figure 3.6  Linear elastic analyses: (a) CS01 Wall; (b) CS02 Wall; (c) CT01 Wall; (d) CT02 Wall. 
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The response of the slender walls (CS) indicates an initial stiffness higher than the verified 
experimentally, more significantly in CS01 wall (Figure 3.6a and Figure 3.6b). The results found 
for the squat walls also show significant differences between the numerical and experimental 
initial stiffness, even more noticeable in these walls (Figure 3.6c and Figure 3.6d). The stiffness 
variations found for numerical analysis and experimental response led to an analysis on the 
parameters with direct influence on the wall stiffness response. 
In the numerical simulation the parameters that influence the wall stiffness in the linear range are 
the masonry elastic modulus, the geometric configuration and boundary conditions. There is no 
direct dependency on the compression stress level on the wall. Conversely, the analysis of the 
experimental results proved that the initial stiffness depends on the pre-compression stress level. 
Generally, walls with the same properties subjected to greater pre-compression level exhibit 
higher initial stiffness. Several experimental studies on the in-plane behaviour of masonry walls 
confirm the existence of a relation between the initial stiffness with the applied pre-compression 
(Magenes and Calvi 1992; Vasconcelos 2005; Angelini et al. 2007; Seki et al. 2008; Elmenshawi 
et al. 2010; Capozucca 2011; Silva 2012; Churilov and Dumova-Jovanoska 2013; Petry and Beyer 
2014). This can be justified by joint closure as a consequence of a higher imposed compression 
on the wall, which results in a more stiff composite material. For this reason, the correct 
simulation of the experimentally tested walls requires the consideration of the pre-compression 
effect on the walls response since the boundary conditions are well defined. Information provided 
by University of Pavia concerning experimental data with the measured rotations on the top beam 
during testing confirmed that the rotations at the top are nearly inexistent and can be neglected 
for the four walls. This proves that the fixed-fixed boundary conditions numerically modelled 
simulate with very good approximation the testing conditions. 
Numerically, the stiffness dependence from the level of compression is simple to consider but the 
lack of experimental data is evident. The definition of an equivalent elastic modulus, dependent 
on the level of pre-compression of the wall, seems therefore preferable. This also means that the 
elastic modulus defined experimentally may not be representative of all the walls since it was 
characterized considering using higher levels of compression on the specimens and the 
dependency is likely to be highly affected by the stone size and arrangement, and the quality of 
execution. 
The adopted model calibration procedure, which consists on fitting the model behaviour with the 
experimental results, was carried by defining an equivalent elastic modulus for masonry. Table 
3.3 presents the results obtained from the calibration process, in which the masonry elastic 
modulus is defined for each wall. 
Table 3.3  Calibrated elastic modulus for each wall. 
 CT01 CT02 CS01 CS02 
E [MPa] 1000 800 1500 2000 
Analysing the elastic modulus resultant from the calibration process, it can be noticed that the 
slender walls (CS) do not follow the typical behaviour wherein for higher levels of compression 
on the wall the stiffness increases. Conversely, the experimental response of the wall with lower 
lever of compression (CS02) shows higher linear stiffness than CS01 wall. Similar experimental 
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campaigns results on the in-plane behaviour of masonry walls subjected to distinct levels of 
compression, already referred previously, prove that in the majority of the cases walls in the same 
conditions tend to exhibit more stiff behaviours under higher levels of compression loads. This 
disparity can be related to differences in the quality of masonry for specimen CS02 or even aspects 
difficulties in the test set-up. For this reason this wall will be analysed considering the calibrated 
elastic modulus and also the elastic modulus readjusted in order to fit the relations found for 
similar in-plane tests on masonry walls.  
The differences in the elastic modulus in what concerns the two different geometric configurations 
(CT and CS) can be explained by the in-situ wall construction conditions. As CS walls are smaller, 
the careful arrangement of the units during construction may have been higher. In conclusion, the 
considerable scatter found demonstrates the importance of the stress level and the execution (e.g. 
arrangement of units, mortar quantity, voids and shrinkage cracks) in the elastic stiffness of stone 
masonry walls. 
3.4. NON-LINEAR ANALYSES 
3.4.1. Definition of the Material Behaviour  
Since masonry exhibits manifestly non-linear behaviour, an adequate material constitutive model 
needs to be selected in order to achieve reliable simulations. Total strain crack models, which 
describe the tensile and compressive behaviour of a material with one stress-strain relationship, 
are usually suitable for this purpose (TNO DIANA 2009). For modern, or regular, masonry, more 
sophisticated orthotropic models are available, e.g. (Lourenço and Rots 1997), but for stone 
ancient masonry, usually with irregular bond and multi-leaf, isotropic models are normally 
adopted.  Within the total strain crack models, two distinct approaches can be distinguished: the 
Fixed Crack Model (FCM) and the Rotating Crack Model (RCM). In both formulations the crack 
is initiated when the maximum principal stress equals the tensile strength of the material, and its 
initial orientation is normal to the maximum principal strain. The main difference between these 
two formulations is related to the cracks orientation during the inelastic process. In the FCM the 
coordinate system is fixed upon cracking according to the principal strain directions and remain 
invariant during the total analysis process. Each integration point admit a maximum of two 
orthogonal cracks. The RCM allows a gradual correction of the initially crack direction as the 
crack plane can rotate during the analysis. The crack direction rotates with the principal strain 
axes ensuring that the crack remains normal to the direction of the maximum principal strain. In 
the fixed formulation, a shear retention parameter is required for the definition of the model shear 
behaviour, whilst in the rotating model the shear softening occurs implicitly as a result of the 
principal stress and strain conditions. An extensive research regarding these formulations was 
carried out by Rots (1988) which conclude that rotating cracks produce a more flexible response 
and correctly keep the maximum tensile stress under control, and can implicitly provide for shear 
softening across the plane of initial cracking. As stated by Rots (1988) several studies revealed 
realistic predictions for rotating cracks formulation, while fixed cracks models tended to behave 
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too stiff in shear dominated applications. For these reasons, the RCM was used to carry out the 
nonlinear numerical analysis once the shear behaviour in this study is dominant. An additional 
discussion regarding the application of these two material models is provided in the next Chapter. 
Parabolic and exponential stress-strain relations were used to describe the tensile and compressive 
behavior of masonry respectively, see Figure 3.7 where fc and Gc stands for the compressive 
strength and fracture energy, ft and Gt are the tensile strength and fracture energy and h is the 
crack bandwidth. In the continuum modelling approach masonry is described as a homogenous 
material and the required parameters were defined in accordance with experimental 
characterization results, previously calibrated elastic modulus and typical relations used for 
masonry (Lourenço 2009a; 2009b). The tensile and compressive fracture energy values, necessary 
for the constitutive models definition, were initially estimated based on these recommendations. 
The compressive fracture energy calculated according to the relation of the ductility index 
parameter (equation (3.1), available in the referred recommendations: 
d = Gc / fc (3.1) 
For fc < 12 N/mm2 a value of d = 1.6 mm is suggested, which is the case since experimental 
characterization tests defined fc equal to 1.74 N/mm2. Thus, the compressive fracture energy (Gc) 
takes a value of 2.8 N/mm. The indicative value for the tensile fracture energy (Gt) was calculated 
according to equation (3.2) considering that the recommended value for the ductility index (d) is 
0.029 mm.  
d = Gt / ft (3.2) 
Table 3.4 presents the parameters to be used in the numerical analyses in which E is the elastic 
modulus and γ the density. The Poisson ratio was kept constant and equal to 0.2. Although the 
elastic modulus has been updated for each wall in order to accurately simulate the influence of 
the level of stress on the wall, the non-linear parameters are kept constant for all the analysis since 
no other data is available and the material used in the construction of the specimens had similar 
characteristics. In what concerns wall CS02, two nonlinear analyses will be carried out 
considering different elastic modulus, one in accordance with the calibration procedure and the 
other according to the expected elastic response.  
Concrete and steel beams behaviour was defined as linear elastic due to the significantly higher 
strength of these materials compared to the masonry. The equilibrium solution of the equations 
in each step of the non-linear analysis is obtained through an iterative regular Newton-Raphson 
method and a convergence criterion based on the internal energy with tolerance of 10-3 was 
adopted. 
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Table 3.4   Mechanical properties for masonry. 
 E [MPa] γ [Kg/m3] fc [MPa] Gc [N/mm] ft [MPa] Gt [N/mm] 
CS01 1500 1900 3,28 5,25 0,14 0,02 
CS02 2000/1100 1900 3,28 5,25 0,14 0,02 
CT01 1000 1900 3,28 5,25 0,14 0,02 
CT02 800 1900 3,28 5,25 0,14 0,02 
3.4.2. Non-linear Analyses Results 
The loads considered in the non-linear analyses were the self-weight of the structure in a first 
step, the vertical compressive load in accordance with the wall under analysis, in a second step, 
and, at last, a horizontal displacement-controlled loading steadily increasing until failure. 
The numerical response of the slender wall CS01 is obtained by imposing 0.5 MPa of pre-
compression on the wall and applying horizontal displacements in small increments. In order to 
plot the capacity curve of the wall, a node in the top of the wall, consistent with the point measured 
during the experimental testing was selected. The numerical force-displacement curve is plotted 
and compared with the corresponding experimental envelope for wall CS01 in Figure 3.8. The 
numerical force-displacement response fits very well the experimental envelope considering the 
initial stiffness (previously validated), the maximum lateral resistance and also the nonlinear 
behaviour. The maximum in-plane capacity estimated numerically reaches 92 kN, which is very 
close to the 94 kN achieved in the experiments. The drift capacity of the walls will be further 
discussed in section 3.6.  
 
Figure 3.8  Force-displacement curve for CS01 wall. 
The maximum principal strains distribution was also evaluated as an indicator of damage. At the 
peak load, the tensile strains are concentrated in opposite corners of the wall, resultant of the 
effect of the wall deformation, accompanied by the appearance of cracks in the diagonal of the 
pier (Figure 3.9a). The damage distribution in the nonlinear behaviour, which is representative of 
the state of damage near failure, is presented in Figure 3.9b and indicates a clear propagation of 
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cracks through the wall diagonal. Here the damage pattern reveals a shear failure by the formation 
of diagonal cracks along the pier, which is in agreement with the failure mode found for the 
experimental test of this wall. The structural response in terms of compressive strains distribution 
is characterized by the formation of a large compressive strut in the wall diagonal around the area 
where the cracks develop as revealed by Figure 3.9c. These results are consistent with the 




(a) (b) (c) 
Figure 3.9  Strains distribution for CS01 wall: (a) Tensile damage at peak load; (b) Tensile damage 
at final stage; (c) Compressive strain distribution at final stage. 
As discussed before, the nonlinear analyses for CS02 wall were carried out considering two 
different elastic modulus for masonry, one considering the calibrated value against experimental 
stiffness (E=2000 MPa) and the other considering typical relations found in similar experimental 
research (E=1100 MPa). The nonlinear response considering the wall CS02 with the masonry 
elastic modulus calibrated according to the experimental stiffness (Figure 3.10a), shows good 
agreement with the experimental envelope, although the maximum in-plane capacity is slight 
overestimated. The final branch of the numerical curve is typical of the rocking behaviour 
presenting large displacement capacity.  
The analysis considering a lower value for the masonry elastic modulus (E=1100 MPa) presents 
a force-displacement response similar to the previous (Figure 3.10b), with a clear difference in 
the initial stiffness as expected. It should be pointed out that the stiffness presented by this model 
lies at the lower limit of the experimental envelope, making it acceptable. The maximum 
horizontal load as well as the post-peak behaviour with high deformation capacity are very similar 
to the previous analysis. In terms of force-displacement curves both models can represent well 
the stiffness found by the experimental testing and the maximum wall capacity. The significant 
decrease of resistance verified in the experimental envelope in the final branch could not be fully 
simulated by the proposed numerical model. A possible explanation may raise on the non-
consideration of the cyclic loading process. From the experimental point of view, the strength is 
dictated by flexural strength, but it is not far from the force needed to generate diagonal cracks. 
Since the experimental test is cyclic, a diagonal crack may have been possibly induced by the 
repetition of deformation cycles that do not reach the monotonic diagonal cracking condition but 
stayed close to it. As the numerical model used is not able to capture this phenomenon of damage 
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accumulation due to cyclic loading, a strength degradation cannot be observed in the post peak 
branch of the load-displacement curve, even if a cyclic loading procedure has been adopted.  
Still, the modelling approach presented here describe with good approximation the maximum 
capacity of the wall and the obtained behaviour predicts well the rocking failure mode. It is worth 
noting that even though the diagram does not exactly fit the envelope, the maximum force and 




Figure 3.10 Force-displacement curves for CS02 wall: (a) Results with E=2000 MPa; (b) Results with 
E=1100 MPa. 
The damage pattern was also evaluated for both of the analysis by plotting the maximum and 
minimum principle strains distribution. Although some differences were found between the 
capacity curves of both the analyses, the strains distributions are nearly the same (see Figure 3.11 
and Figure 3.12). Both in peak and post-peak behaviour the strains distribution indicate a 
concentration of damage in the left bottom and top right corner of the wall. This type of damage 
is characteristic of the flexural behaviour, with rocking. The analysis of the compressive strain 
distribution of the pier (Figure 3.11c and Figure 3.12c) shows a high concentration in the diagonal 
direction until the toe, also typical of flexure failures. Crushing at the toe is also perceptible by 
the strain concentration in this area.  
Analysing not only the capacity curves but also the damage distribution obtained by these 
analyses, a clear flexural behaviour is observed, predicting the overturning of the wall over its 
toe. In the experimental tests a combined shear and flexure failure is described, initially 
characterized by flexural-rocking behaviour followed by the formation of shear cracks. The 
analyses results do not indicate the appearance of shear cracks, only the rocking behaviour is 
captured. The experimental tests show that the shear cracks appear due to sliding along units and 
mortar joints. Indeed, within the experimental framework another test was carried out on a wall 
with the same characteristics but constructed with better quality mortar and only rocking 
behaviour was verified. The comparison between the numerical and experimental results stresses 
the model limitations in the simulation of sliding between mortar joints behaviour. Only a micro-
model could possibly simulate the behaviour found in the experimental test of this wall.  
However, although the inherent and discussed limitations, this modelling approach is simple but 
uses sophisticated constitutive laws to describe the masonry behaviour giving relevant 
information regarding the maximum capacity and nonlinear behaviour of these walls. 







































(a) (b) (c) 
Figure 3.11  Strains distribution for CS02 wall with E=2000 MPa: (a) Tensile damage at peak load; 
(b) Tensile damage at final stage; (c) Compressive strain distribution at final stage. 
   
(a) (b) (c) 
Figure 3.12  Strains distribution for CS02 wall with E=1100 MPa: (a) Tensile damage at peak load; 
(b) Tensile damage at final stage; (c) Compressive strain distribution at final stage. 
The analysis results of the squat wall subjected to higher level of compression, CT01, showed 
that the in-plane behaviour of this wall is in agreement with the experimental monotonic envelope 
as the maximum capacity is well estimated and the non-linear behaviour fits with very good 
approximation the experimental curve (Figure 3.13). As calibrated, the linear numerical stiffness 
is in agreement with the experimental initial behaviour. The discontinuity visible in the capacity 
curve of this wall can be explained by the opening of the first crack in the model followed by the 
subsequent redistribution of stresses to adjacent elements. The maximum horizontal capacity 
measured during the experimental testing, 234 kN, is well estimated by the numerical analysis, 
predicting 224 kN of maximum horizontal load (only 4% of error). The softening after peak 
behaviour verified in the force-displacement curve with the loss of capacity of the wall follows 
the behaviour of the experimental envelope with very good approximation. As stressed previously 
the displacement capacity is discussed in section 3.6. 




Figure 3.13  Force-displacement curve for CT01 wall. 
Experimental results identified several diagonal cracks forming in the centre of this wall 
describing a pure shear failure. The analysis of the damage pattern by plotting the maximum 
principle strains at peak and post peak behaviour (Figure 3.14a and Figure 3.14b), demonstrates 
that the behaviour verified experimentally is well reproduced by the numerical model. The 
formation of diagonal cracks between the top corner and the wall toe evidences a clear shear 
failure with diagonal cracking developing at the pier centre. Due to the high level of pre-
compression installed, the wall does not tend to rotate around the toe, instead it starts to develop 
diagonal cracks at the centre where the concentration of strains is higher at the peak load (see 
Figure 3.14a). In Figure 3.14c the concentration of compressive strains is presented showing a 





Figure 3.14  Strains distribution for CT01 wall: (a) Tensile damage at peak load; (b) Tensile damage 
at final stage; (c) Compressive strain distribution at final stage. 
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The numerical results obtained for the squat wall with lower compression level, CT02, 
demonstrate that the in-plane behaviour verified in experiments is numerically reasonably well 
reproduced. The comparison between the numerical force-displacement curve and the 
experimental envelope, presented in Figure 3.15, confirms that the maximum wall capacity is well 
predicted by the numerical analysis with a minor error around 5% (146 kN obtained numerically 
against the 154 kN measured experimentally). In what concerns the post-peak behaviour, slight 
differences can be found between numerical and experimental curves. After reaching the peak, 
the wall capacity decreases due to the formation of the first diagonal cracks. After this point, and 
as a result from the redistribution of stresses to non-damaged adjacent elements, the wall suffered 
a slight increase of its capacity before presenting a more pronounced decrease of the load capacity. 
The experimental envelope response also presents an evident drop after the peak but a gradual 
decrease on the wall capacity is verified until failure.  
The damage evolution verified numerically is consistent with the experimental damage 
description characterized by shear behaviour (Figure 3.16). After the peak, where the tensile 
strains concentrate at the bottom and top corners due to the deformation of the wall (Figure 3.15a), 
the wall suffers a decrease in the capacity motivated by the formation of the first crack and fails 
in shear exhibiting a clear diagonal crack that crosses the wall from one corner to another (Figure 
3.15b). The expectable diagonal compressive strut is also present when the minimum principle 
strains distribution are plotted (Figure 3.15c). The crack pattern resultant from the experimental 
testing of this wall presented cracking through the wall diagonals, consistent with the damage 
found in this analysis results. Even if the numerical curve in the nonlinear range does not fit 
exactly the experimental envelope, the maximum capacity is well estimated and the damage 
evolution is well described numerically, confirming the ability of the numerical model to simulate 
the wall behaviour.  
 
Figure 3.15  Force-displacement curve for CT02 wall. 




















(a)   (b) 
 
(c) 
Figure 3.16  Strains distribution for CT02 wall: (a) Tensile damage at peak load; (b) Tensile damage 
at final stage; (c) Compressive strain distribution at final stage. 
Based on the comparison between numerical and experimental capacity curves and damage 
distribution, it can be concluded that the numerical models proposed are able to reproduce the 
experimental in-plane behaviour of masonry walls under combined vertical and shear loads, 
meaning that they can be used on the parametric analysis. The maximum horizontal load is well 
estimated (with minor errors for all the walls), the plastic strains evolution accurately describe the 
experimental behaviour and the failure modes were predicted well, with crack patterns consistent 
with those observed experimentally. 
3.5. PARAMETRIC ANALYSES 
Numerical modelling is commonly regarded as a complementary approach to further study 
different conditions and parameters, which is nearly impracticable from the experimental point of 
view. In this sense, parametric analyses considering an intermediate geometric configuration and 
compressive load, using the validated numerical models, are addressed and discussed in this 
section. 
Parametric analysis aims to clarify the interaction between the pre-compression level and the wall 
slenderness ratio (h/l) in the in-plane response of the masonry walls under shear loading. Since 
four walls were experimentally tested and numerically studied by validated models, intermediate 
conditions of these walls are studied in accordance with Table 3.5. Walls with 2.5 m height and 
Chapter 3 – In-plane Behaviour of Masonry Walls 
 
45 
intermediate length of 1.875 m, comprising a slenderness (h/l) ratio of around 1.33 (named as CM 
walls), were included in the numerical analysis and a pre-compression level of 0.35 MPa was also 
evaluated. The in-plane response of more five masonry walls is numerically estimated, in a total 
of nine walls. 
Since the validated reliable models are representative of the mechanical behaviour of the 
experimentally tested vertical elements, the numerical study is extended to other configurations 
and stress levels.  
Table 3.5  Parametric analyses (in grey the walls experimentally tested and numerically validated). 
 
K LI = M K LI = N. OO K LI = N 
0.5 MPa 
   
0.35 MPa 
   
0.2 MPa 
   
Since the parametric analyses comprise a new geometric configuration (CM walls), a numerical 
model with the characteristics defined above was constructed and the mesh discretization includes 
1692 nodes and 529 elements, as presented in Figure 3.17. The material constitutive laws, 
boundary conditions and analysis options used in this model follow the same considerations made 




































Figure 3.17 Numerical model for CM walls.  
The analysis of the parametric models were performed with the same assumptions made for the 
validated models. As previously demonstrated, the masonry elastic modulus is dependent on the 
geometric configuration and pre-compression level. Aiming at simulating the correct stiffness of 
these walls, equivalent elastic modulus were defined for the parametric walls according to Table 
3.6. 
Table 3.6  Elastic modulus for the parametric analysis. 
 
Elastic modulus [MPa] 
σ = 0.5 MPa CT01 CM01 CS01 
1000 1300 1500 
σ = 0.35 MPa 
CT03 CM03 CS03 
900 1100 1300 
σ = 0.2 MPa 
CT02 CM02 CS02 
800 900 1100 
The analyses results were grouped considering the pre-compression level and the geometric 
configuration in order to evaluate the influence of these parameters on the response of the wall. 
Figure 3.18 describes the influence of the geometrical configuration in the wall behaviour and it 
is observed that larger height/length ratios (for the same height) led to lower capacity of the wall, 
independently of the level of compressive stress. Analysing the results when the vertical 
compression was kept constant and the walls geometry varied, an increase in the lateral wall 
capacity around 90% on average was verified comparing walls of h/l ratio equal to 2 with h/l 
equal to 1.33. A moderate enhancement of the walls strength capacity near 30% was verified for 
walls of h/l ratio equal to 2 when compared to the 1.33 h/l ratio walls. This increase is not so 
pronounced for 0.35 MPa pre-compression level.  






Figure 3.18 Force-displacement curves of the parametric analyses - Comparison according the 
compression level: (a) 0.5 MPa; (b) 0.35 MPa; (c) 0.2 MPa. 
The contribution of the pre-compression level on the wall behaviour is assessed by the analysis 
of Figure 3.19 in which, for the same geometric configuration, the influence of the stress level is 
evaluated. It is clear that the lateral strength is enhanced by increasing the level of pre-
compression on the wall, for all the geometric configurations. The maximum capacity increase is 
more or less consistent in all the geometric configurations. Besides the expected differences in 
the linear stiffness (obtained through the masonry elastic modulus), the non-linear behaviour 
response of the walls is also influenced by the level of pre-compression. Walls subjected to lower 
levels of pre-compression tend to exhibit a more ductile behaviour, with the exception of wall 
CM03 that present also a ductile response.  
Walls with lower compression levels and greater height/length relations (slender configurations) 
tend to experiment a smooth evolution in the force-displacement curve, typical of flexural 
behaviours. The results of these analysis in which concerns the maximum capacity are very 
consistent and close to the expected, given other experimental tests results. It is observed also that 
the contribution of vertical stress level is dependent on the failure mode developed in the pier. 
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Figure 3.19 Force-displacement curves of the parametric analyses - Comparison according the 
geometric configuration: (a) h/l =1; (b) h/l =1.33; (c) h/l =2. 
In order to obtain a better insight on the influence of the vertical compression and geometric 
configuration in the failure mode, the maximum principal strains distribution were plotted as an 
indicator of damage for the post-peak behaviour. Figure 3.20 shows the damage distribution of 
the walls from the parametric analyses organized by level of compression and wall geometry. 
Analysing the damage patterns, the transition from the flexural behaviour to shear is notorious. 
Slender walls subjected to lower levels of pre-compression tend to experiment flexural behaviour 
with the overturning of the wall. The crack pattern of the walls is in accordance with the force-
displacement curves presented above.  
From the results it is possible to observe that the wall with slender configuration subjected to 
0.35 MPa of compression (CS03 wall) suffers a combined shear flexure failure. The severe 
concentration of damage spreading from the top right corner and bottom left toe points out the 
flexural behaviour of this wall. Still, the concentration of strains in the diagonal of the pier, from 
the top corner to the bottom toe, indicates the beginning of the shear behaviour, which turns out 
to be the one governing the failure at the end with the development of diagonal cracking. 
Similarly, the wall with mean slenderness ratio subjected to low compression (0.2 MPa), CM02 
wall, presents a damage pattern typical of flexural behaviour including overturning of the wall 
(rocking) and also shear diagonal cracking in the centre of the wall. Although the evident flexure 
response experimented by this wall, failure occurs due to the diagonal cracking which spreads 
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along the wall creating instability. The deformation capacity of this wall is more consistent with 
a shear failure (see Figure 3.18c or Figure 3.19b).  
The walls with lower slenderness ratio configurations combined with high levels of pre-
compression (CM03, CM01 and CT03), besides achieving more in-plane strength capacity, are 
clearly governed by shear behaviour. The crack patterned verified for the remaining walls was 
the development of diagonal cracks at the centre of the pier, as shown in Figure 3.20. The 
displacement capacity of these walls will be further discussed in the next section. 
σ =0.5 MPa 
 
σ =0.35 MPa 
 
σ =0.2 MPa 
Figure 3.20 Maximum principal strain distribution for the parametrical analyses in at final stage (a 
possible border between flexure and shear modes is provided). 
Numerical results revealed that both the slenderness ratio and the pre-compression level play a 
central role in the behaviour of masonry walls under in-plane loading, affecting not only the 
maximum lateral capacity but also the behaviour and failure mode. Parametric analysis carried 
out in this section enabled to verify in which manner the studied parameters are related, giving 
relevant information about the response of these walls. The obtained results are consistent, further 
validating the modelling approach. 
Flexure 
Shear 
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3.6. DRIFT CAPACITY 
The purpose of this section is firstly to compare the drift capacity obtained numerically with the 
experimental test results in order to validate the numerical approach and then to estimate the drift 
capacity for the walls in the parametric analysis. Additional numerical analysis varying the 
mechanical parameters of masonry were also carried out aiming at comparing the drift limits 
imposed for different codes with the ones obtained numerically. Here it is intended to give a 
contribution to the discussion on walls drift capacity.  
In recent years, displacement-based methodologies have been progressively developed for the 
seismic assessment of existing masonry structures. It has been widely accepted that that structural 
damage is related to material strains and for this reason such methodologies provide a more 
reliable and realistic evaluation of the damage distribution (Russell 2010). Accordingly, the 
characterization of the drift capacity of masonry walls is required.   
As mentioned before, several experimental campaigns on the in-plane strength characterization 
of masonry walls have been carried out in the last years, but only a few focus on the drift capacity 
topic. Experimental research on in-plane behaviour of masonry walls constructed with different 
materials has been summarized by Magenes and Penna (2011) regarding the ultimate drift 
capacities. There, a range of drift values is indicated for each type of masonry walls, categorized 
in shear and flexural failures. The drift capacity of each wall was determined in correspondence 
of a drop in the shear force-lateral displacement envelope curve equal or greater than 20% of the 
maximum shear force attained, except for walls governed by flexural failure in which no 
noticeable strength decay up to very high drift values was observed and the tests were stopped. 
A compilation of the ultimate drift of masonry piers corresponding to different failure modes (or 
a combination of them) observed during the in-plane testing of several piers was also addressed 
by (Moon 2004). Finally, the drift capacity of masonry walls was also extensively investigated 
by Petry and Beyer (2014) through an experimental campaign which included the study of walls 
with distinct boundary conditions and axial load. In this document the authors provide a database 
compilation of available experimental tests results and the equivalent drift capacity.  
In order to give contributions on the drift estimation for design and assessment of masonry 
structures, a set of numerical analyses using the validated models was performed. The ultimate 
displacement was defined as equal to a displacement corresponding to 80% of the maximum 
force, as recommended by EC8 (EC8-3 2004) and FEMA 356 (FEMA 356 2000). This is a 
conventional limit used by several authors (Costa 2007; Magenes and Penna 2011; Beyer 2012) 
and generally corresponds to a condition in which the wall is still capable of carrying the vertical 
load, but additional increases in the deformation demand could lead to the partial or total failure 
of the element. Accordingly, both the experimental and numerical force-displacement curves 
were used to assess the displacement capacity of the initial four walls (see Table 3.7). For wall 
CS02, which experiments a rocking/flexural behaviour according to the numerical analysis, the 
ultimate displacement could not be estimated since a dropped below 80% of the peak resistance 
was not verified in the analysis within a reasonable displacement. For this reason the experimental 
and numerical drift capacity of CS02 wall were not compared. In what concerns the other walls, 
comparing the drift capacity obtained in the numerical analysis with the experimental values, one 
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can infer that the ultimate displacement is reasonably well estimated by the numerical models. 
The errors between the experimental and numerical drift capacity can be considered acceptable.  
Table 3.7  Comparison between the experimental and numerical conventional drift capacity. 
 Displacement Capacity [mm] / Drift [%] 
 CS01 CS02 CT01 CT02 
Experimental 10.3 / 0.41 17.0 / 0.68 11.5 / 0.46 12.0 / 0.48 
Numerical 9.7 / 0.39 > 25.0 / > 1.0 10.0 / 0.4 14.0 / 0.56 
Error 6% – 13% 16% 
Several codes and guidelines proposed a maximum drift capacity for damage limitation depending 
on the failure mode of the element. The Eurocode (EC8-3 2004), Italian (OPCM 3274 2003; NTC 
08 2008) and New Zealand (NZSEE 2006) codes, as well as FEMA guidelines, (FEMA 306 1998; 
FEMA 356 2000) recommendations are summarized and discussed in the following. EC8 – Part 
3 estimates the drift capacity as a function of the type of behaviour (flexure or shear). The drift 
capacity of an unreinforced masonry wall controlled by flexure should be limited to 0.8% h0/l, 
and to 0.4% drift when controlled by shear behavior. h0 is the distance between the section where 
the flexural capacity is attained and the contraflexure point and l is the in-plane horizontal 
dimension of the wall (depth). In the Italian code (OPCM 3274 2003) the in-plane drift in flexure 
is set 0.8%, unlike Eurocode does not takes into account the h0/l ratio, and 0.4% drift in shear. 
These values are defined based on solid brick or stone masonry walls tests since a larger 
experimental data base is available (Magenes 2006). The recommendations provided by NTC-08 
(2008) limit the in-plane drift for flexural behaviour to 0.6% and for shear 0.3%, which are smaller 
than the values set up by the previous codes. The New Zealand code proposes drift capacities 
depending on the failure mode instead of the type of behaviour. Thus, rocking and shear sliding 
are limited to a 1% drift and toe crushing and diagonal cracking are limited to 0.5%. Finally, 
FEMA also distinguishes drift capacities for the different failure modes. In rocking failure, FEMA 
assumes 0.8% drift, similarly to EC8 and for the sliding along the joints failure mode a drift of 
0.4%. For combined modes FEMA also establish drift limits, being for toe crushing, flexural 
cracking and bed joint sliding 1.2% of drift and for flexural cracking and toe crushing only a drift 
capacity of 0.3%.  
These limits adopted by codes do not make distinction of masonry typologies and levels of axial 
load and only few take into account the boundary conditions. Several experimental campaigns 
have shown that the failure mode and consequently the displacement capacity of masonry walls 
is scattered and depends on the aforementioned conditions. A wide variation in drift capacity has 
been reported depending on the failure mode by Yi (2004) and Magenes and Penna (2011) in a 
compilation of available experimental tests. The drift capacity of unreinforced masonry walls is 
extensively discussed in the work of Petry and Beyer (2014), in which an empirical drift capacity 
equation that accounts for the boundary conditions, axial load and the size effect is proposed. 
In order to evaluate the influence of the geometrical configuration and vertical stress level in the 
drift capacity, the force-displacement curves resultant from the parametric analyses were used to 
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define the ultimate displacement according to the criteria defined above. The displacement 
capacity and equivalent drift is presented in Table 3.8 for the 9 walls. Excluding the wall CM03, 
numerical analyses showed that the lower the axial compression, the larger displacement capacity 
attained by the wall. Indeed, parametric analyses showed that walls subjected to higher levels of 
compression exhibit more stiff responses and higher strength in-plane capacities but the 
displacement capacity is limited. No evident relation was found in the drift capacity regarding the 
wall aspect ratio.  
Table 3.8  Drift capacity of the parametric analysis walls. 
 
Drift Capacity  
σ = 0.5 MPa CS01 CM01 CT01 
9.7 mm / 0.39% 8.5 mm / 0.34% 10 mm / 0.40% 
σ = 0.35 MPa 
CS03 CM03 CT03 
15.5 mm / 0.62% 17 mm / 0.68% 12.5 mm / 0.50% 
σ = 0.2 MPa 
CS02 CM02 CT02 
> 25 mm / > 1% 12.5 mm / 0.50% 14 mm / 0.56% 
 
Aiming at extending the study of the drift capacity to provide more numerical data, a set of 
numerical analysis based on these 9 models was performed varying the mechanical parameters of 
masonry: (i) elastic modulus; (ii) compressive strength; (iii) compressive fracture energy; 
(iv) tensile strength; (v) tensile fracture energy. The purpose is to evaluate the drift capacity of 
these walls varying the elastic modulus -25% and +25% and the other parameters -50% and +50% 
of its initial value. These variations were performed modifying only one parameter at a time and 
in total 90 numerical analysis were carried out. The ultimate displacement for the sensitivity 
analysis of CS02 wall could not be evaluated due to the ductile flexural behaviour of this wall, as 
explained previously. Therefore, 80 values for the drift capacity were graphically plotted and 
compared with the 0.4% drift, as recommended by most of the codes for shear behaviour (see 
Figure 3.21). The results showed that the minimum drift of 0.4% proposed in the codes is not 
attained by all walls, as 26% of the values achieve drifts lower than 0.4% and 6%  of them achieve 
a drift lower than 0.3%. 
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Aiming at assessing in what measure some parameters influence the walls drift capacity, diagrams 
which relate the drift capacity with the ratio between vertical stress and masonry compressive 
strength (Figure 3.22) and the slenderness ratio (Figure 3.23) were plotted. The vertical stress 
over masonry compressive strength ratio (P Q⁄ ) was selected in order to allow for a comparison 
of results provided by some authors (e.g. Petry and Beyer 2014). Besides the typical graph, a box 
diagram is also drawn, giving valuable information regarding the drift capacity distribution 
according to the studied parameters. The diagram indicates the spread of the numerical data: the 
maximum, the minimum, the median (the line in the middle of the box), the mean (represented 
by the white square) and the “box” which represents the data between 25% and 75%. The spacing 
between the different parts of the box indicate the degree of dispersion and skewness in the drift 
values. From Figure 3.22a, it is observed that the drift capacity seems to decrease for higher P Q⁄  
relations, which mean lower vertical stress levels. In the distribution presented in the box diagram 
(Figure 3.22b) this relation is not so apparent. The concentration of values for P Q⁄  equal to 0.06, 
corresponding to the walls subject to 0.2 MPa of vertical stress, between 0.4% and 0.7%, is similar 
to the P Q⁄  of 0.11 which is between 0.45% and 0.8%. Nevertheless, it should be noted that for 
the walls with 0.2 MPa stress, the graph include less values since wall CS02 suffers rocking 
behaviour and the drift could not be determined. Large values of drift capacity are expected 
(>0.8%) for this wall, so the box diagram for P Q⁄  equal to 0.06 may not be representative 
(probably the concentration would be for higher values of drift capacity). In this manner, it can 
be affirmed that walls with lower level of pre-compression tend to exhibit a more ductile 
behaviour achieving higher drift capacities for lower levels of maximum in-plane strength. 
Clearly, less dispersion of the drift was verified for walls subjected to 0.5 MPa of pre-
compression. These results corroborate the behaviour verified during the numerical study 
presented in the previous sections.  
  
(a) (b) 
Figure 3.22 Drift variation in function of the relation between the vertical stress and masonry 
compressive strength: (a) Scatter graph; (b) Box diagram. 
In the assessment of the influence of the slenderness ratio on the lateral drift capacity of the walls, 
Figure 3.23 displays the drift distribution according to the walls configuration. It is expected that 
slender walls subjected to shear behaviour tend to exhibit limited horizontal displacement 
capacity, although this relation is not so evident when comparing with the other walls 
configuration drifts. Furthermore, walls governed by flexure behaviour or exhibiting combined 
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shear and flexure behaviour reach larger displacement capacity. As observed in the parametric 
analyses results this type of responses is characteristic of slender walls subjected to lower levels 
of compression. For this reason, no direct relation can be addressed regarding the influence of the 
aspect ratio of the walls in the drift capacity.  
The force displacement curves obtained in the sensitivity analyses varying the mechanical 
parameters of masonry are provided in Annex A. Analyzing the overall results from the sensitivity 
analysis, it should be stressed that parameters like the compressive and tensile fracture energy, 
and tensile strength influence in a significant way the walls horizontal drift. The results from the 
analyses varying the masonry elastic modulus show that the walls response only suffer a deviation 
in what concerns the linear stiffness, whilst similar path is verified in the nonlinear behaviour. 
  
(a) (b) 
 Figure 3.23 Drift variation in function of the slenderness ratio: (a) Scatter graph; (b) Box diagram. 
From the presented results it is possible to observe that the 0.4% drift recommended in codes for 
shear is not accomplished for all the walls, which raises doubts on the adoption on this limit for 
all walls. Nevertheless, the analysis of the seismic response of masonry buildings proved that in 
most cases a non-negligible contribution is provided by the coupling effect of masonry spandrel 
beams. For this reason, the fixed-fixed condition imposed by the numerical model may not 
reproduce with good approximation the real conditions in most of masonry buildings piers. In 
typical masonry buildings, walls are connected by horizontal diaphragms and spandrels which act 
as coupling elements to piers. The stiffness and strength of these connecting elements can vary 
but fixed conditions are hardly obtained. Since the drift capacity is highly dependent on the 
boundary conditions (Petry and Beyer 2014) and aiming at reproducing the boundary conditions 
of typical masonry buildings, interface elements were included in the previous numerical models 
on the top of the wall assuming a normal stiffness equivalent to the axial stiffness of a 0.5 m high 
spandrel placed on the top of the specimen. Only six specimens were considered, corresponding 
to the walls which attained lower drift capacities.  
The results of these analysis showed a consistent increasing on the ultimate displacement, proving 
that the boundary conditions have an important influence in the horizontal drift capacity attained 
by the walls. An increase of 37% in average in the drift capacity was verified considering the 
stiffness provided by 0.5 m of spandrels on the top of the wall. In order to estimate the drift 
capacity in the remaining walls (not numerically analysed) a simple procedure was taken to give 
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an idea of the drift distribution if different boundary conditions were considered. The drift values 
obtained previously were increased in 37% (since this is the mean increase) and plotted in Figure 
3.24. With this simple procedure, an idea of the expected scattering of the analysed data is 
provided. 
Analysing the drift distribution presented in Figure 3.24, the 0.4% of drift limit is accomplished 
for 94% of the walls demonstrating that the requirements proposed by codes for shear behaviour 
is fulfilled for most considering boundary conditions closer to the real ones. It is worth to 
emphasize that, according to NTC-08 recommendations, the drift limit in shear (0.3%) is 
accomplished for all walls. 
 
Figure 3.24 Estimation of the drift capacity considering at the top wall the stiffness provided by 0.5 
m of spandrels. 
3.7. ANALYTICAL EVALUATION  
Analytical simplified formulations have been developed trying to characterize and estimate the 
masonry walls in-plane strength. As previously stated, post-earthquake surveys revealed that, 
when subjected to in-plane loading, masonry walls tend to fail by one of the four different failure 
modes (presented and discussed in Chapter 2). Several studies have been developed aiming at 
characterizing the shear resistance of walls through simplified analytic models. Experimental 
walls data is used to validate these models rather than on fundamental mechanistic theories and 
constitutive models (Yi 2004). Relevant European literature documents and codes include and 
discuss some of these analytical methods (e.g. Magenes and Calvi 1997; Tomaževič 1999; OPCM 
3274 2003; EC6-3 2005).  
In this section, the strength capacity of the numerically studied walls is estimated based on the 
simplified formulations proposed by some specific European literature hereinafter termed 
“European equations” (Turnsek and Cacovic 1971; Turnsek and Sheppard 1980; Mann and 
Muller 1982; Magenes and Calvi 1997; Tomaževič 1999; EC6-3 2005; NTC 08 2009; Magenes 
and Griffith 2009b), by U.S. Guidelines (FEMA 356 2000) and New Zealand code (NZSEE 
2006). The analytical equations are discussed and the in-plane capacity is compared with the 
experimental and numerical results. All methods predict the shear behaviour of walls by equations 
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the equations applied and in the following a brief description of them is provided. Note that, given 
its large number, the description of the symbols used in the expressions is provided in the section: 
List of Symbols. 
Table 3.9  Analytical expressions according to the failure mode.  
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3.7.1. European Equations 
The lateral resistance of a wall subjected to in-plane load according to European literature  
(Turnsek and Cacovic 1971; Turnsek and Sheppard 1980; Mann and Muller 1982; Magenes and 
Calvi 1997; Tomaževič 1999; EC6-3 2005; NTC 08 2009; Magenes and Griffith 2009b) can be 
assessed by considering an analytic equation for each failure mode. Note that in flexural responses 
some authors do not distinguish the toe crushing and rocking failures once the analytical equations 
that describe their behaviour follow the same principles.  
The shear resistance of a wall failing in toe crushing is conditioned by the crushing of the 
compressive zone which can be approximated to a proper stress distribution as illustrated in 
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Figure 3.25, neglecting the masonry tensile strength. The vertical stress distribution at the 
compressed toe is commonly assumed as an equivalent rectangular stress block with κ coefficient 
equal to 0.85. Thus, the equilibrium of forces in Figure 3.25 leads to the expression to estimate 
the wall strength for toe crushing (see Table 3.9, equation (3.3)). A factor  to take into account 
the boundary conditions is also suggested by many authors (equal to 0.5 for fixed-fixed conditions 
and to 1 to cantilever walls), which is valid hereinafter.  
 
 
T = .           = sQ . .  ⟺  = uv%w.f 
 =  − x =  (# − ) ⟺  =  (# − uv%w.f) 
T = .  =  × 12 (# − sQ . ) 
Figure 3.25 Equilibrium of the wall subjected to vertical and horizontal loads with crushing at the 
base corner. 
The rocking failure mode represents the overturning of the masonry pier, as the horizontal 
displacement increases the wall rotates around the toe. Thus, the shear strength of a wall failing 
in rocking is easily computed by the equilibrium of the rigid block around O (see Figure 3.26). 
Equation (3.6) describes the in-plane capacity of the wall for rocking, taking into account the 
boundary conditions through the parameter	. 
  
Figure 3.26 Overturning around O.  
Bed-joint sliding failure occurs when the shear stress acting on the effective section exceeds the 
maximum bed-joint shear strength. It has been generally accepted that the shear resistance can be 
evaluated based on the Mohr-Coulomb formulation (Magenes and Calvi 1997) assuming the 
effective uncracked section length (as adopted by the EC6 on masonry structures). The length of 
the effective compression zone is calculated neglecting the masonry tensile strength and assumes 
a simplified distribution of compression stresses, as described by Figure 3.27. The obtained 
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Figure 3.27 Calculation of the length of the compression zone. 
Finally, the expression to estimate the lateral strength in diagonal cracking was formulated by 
(Mann and Muller 1982), based on the tests performed in Slovenia (Turnsek and Cacovic 1971; 
Turnsek and Sheppard 1980). As reported by (Tomaževič 1999), this formulation assumes that 
the diagonal cracks are caused by the principal tensile stresses developing in the wall (with a 
critical value according to the tensile strength of masonry) and accounts for the influence of the 
geometric configuration in the load distribution. Assuming that the masonry wall is an elastic, 
homogeneous and isotropic element, the lateral resistance of a masonry wall falling in shear by 
diagonal cracking (Figure 3.28) is evaluated through the expression (3.11). This formulation 
includes the consideration of a parameter b which is dependent on the pier aspect ratio ℎ #I , and 
accounts for the distribution of shear stress at the center of the wall. A value of b equal to 1.5 has 
been proposed for walls with slenderness ratio greater than 1.5, between 1 and 1.5 aspect ratios b 
is assumed equal to the relation ℎ #I  and a value of 1 has been proposed for walls with aspect ratio 
less than 1, giving good agreement with experimental results (Magenes and Calvi 1997). 
 
Figure 3.28   Diagonal Cracking. 
The analytical predictions proposed by FEMA and NZSEE guidelines follow similar principals 
of the formulations presented above in some expressions and for this reason only a brief 
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3.7.2. FEMA Predictions 
In FEMA recommendations (FEMA 356 2000), the in-plane capacity of walls components is 
evaluated as the lower value of the lateral strength, based on each of the four typical failure modes. 
Four analytical expressions, corresponding to the failure modes described in Chapter 2 by Figure 
2.10, are proposed for the calculation of the strength capacity. Table 3.9 presents the equations 
provided by FEMA. The wall strength capacity is evaluated through equation (3.15), which 
considers the minimum value obtained for all failure modes. The factor α2 reflects the boundary 
conditions: for a fixed-free cantilever wall, α2 is taken as 0.5 and for a fixed-fixed pier equal to 
1.0.  
S} 	= 	T~(SQ; 	S^ ; 	S` ; Sf) (3.15) 
For toe crushing (equation (3.4)), rocking (equation (3.7)) and diagonal (equation (3.12)) strength 
predictions the equations are very similar to the ones proposed by the European literature although 
some differences can be found. Here, in toe crushing strength prediction the vertical stress 
distribution at the compressed toe is considered 0.7fc (instead 0.85fc). In the equation for rocking 
failure a factor of 0.9 is introduced and the expression for diagonal cracking is equivalent of the 
one defined above in the case of walls with slenderness ratio (h/l) between 1 and 1.5. The 
modification introduced by the parameter b described above in the formulation to describe 
diagonal cracking has been discussed by some authors (Yi 2004; Russell 2010) which considered 
that it agrees better with the experimental results. 
Similarly to the European expression, the strength prediction of sliding follows the Mohr-
Coulomb criterion although here the effect of moment is not considered so the reduction in the 
effective length of the pier due to the presence of horizontal flexural cracks is not considered in 
FEMA (equation (3.9)). These recommendations are applied and discussed in detail by several 
researchers (Moon 2004; Yi 2004; Russell 2010; Ingham 2011). 
3.7.3. NZSEE Predictions 
Similarly, the New Zealand Society for Earthquake Engineering (NZSEE, 2006) provides 
guidelines for predicting the nominal in-plane lateral strength of masonry walls also summarized 
in Table 3.9 .Despite considering separate failure modes for several authors, rocking and toe 
crushing failure modes are often linked since the overturning of the wall includes the simultaneous 
crushing of the compressed toe. Considering this, in these recommendations only one equation to 
determine the flexural strength limit is provided (equation (3.5), similar to the “European” formula 
for toe crushing). Likewise, the equation recommended by for sliding shear is also defined 
through the same principles explained in section 3.7.1 (Vs equation (3.10)). The main difference 
of these guidelines is the consideration of two equations to estimate diagonal tension failure mode: 
one is intended to reflect crushing in mortar joints and is based on a Mohr-Coulomb failure 
criterion applied over the full length of the member (Sfp in equation (3.13)) and the other intends 
to reflect shear associated with diagonal tension failure involving cracking through units (Sfq in 
equation (3.14)).  
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3.7.4. In-plane Strength of the Walls 
As given by the above expressions, the computation of the in-plane strength of a masonry wall is 
largely dependent on the axial load, the geometrical wall configuration and boundary conditions 
(fixed-fixed or cantilever walls). The limiting strength capacity was calculated for the studied 
walls according to these expressions, using the strength values from the analyses.  
The results obtained by the application of the simplified expressions are summarized in Table 
3.10 and Figure 3.29. The prediction by the formulations are compared with the lateral capacity 
achieved numerically for the nine walls. Table 3.10 presents the in-plane shear capacity achieved 
numerically for the nine walls under study and also the results from the application of the formulas 
defined above for each failure mode. In the analytical predictions, the lower value obtained 
considering all the failure modes is presented in bold. A comparison between the numerical and 
the estimated in-plane capacity of the walls is also provided in this table, dividing the predicted 
value by the numerical value. Finally, in the last column of Table 3.10 the obtained failure modes 
are compared. Since sliding could not be simulated by the proposed modelling strategy, the type 
of failure mode was compared considering shear and flexural failure. 
The results show that only 10% of the failure modes is not well predict regarding shear and 
flexural behaviour. Besides, the failure modes inaccurately evaluated are related to FEMA 
formulations, which can raise doubts regarding some considerations taken by these guidelines. 
Analysing with more detail the obtained strength values for FEMA, it can be realized that the 
sliding shear expression seem not to describe accurately the behaviour since the effect of moment 
is not considered and the effective length is not used, as also discussed by (Yi 2004). Moreover, 
the expression provided in FEMA for diagonal cracking seem to be very conservative for h/l 
relations lower than 1 (slender walls), whilst the European expressions include the correction 
through b factor. The results also proved that the NZSEE expressions for the prediction of the 
walls strength for diagonal cracking failures, can estimate accurately the values obtained 
numerically.  
The relation between the analytically predicted strength and the numerical values is near 1 in most 
cases, which reveals a good agreement between simplified formulations and 
experimental/numerical results (since the numerical models were also validated against the 
experimental). Globally the European and NZSEE formulations can predict well the failure mode 
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Table 3.10 Strength prediction. 
















European  180 198 144 186 0.99 Yes 
FEMA 177 178 269 186 1.21 No 
NZSEE 180 144 160   375 0.99 Yes 
CT03 205 
European  273 318 209 220 1.02 Yes 
FEMA 263 286 359 220 1.07 Yes 
NZSEE 273 209 192  391 0.94 Yes 
CT01 225 
European  352 438 268 248 1.10 Yes 
FEMA 334 394 449 248 1.10 Yes 
NZSEE 352 268 223  406 0.99 Yes 
CM02 104 
European  102 111 92 105 0.89 Yes 
FEMA 99 100 201 105 0.95 No 
NZSEE 102 92 108  253 0.89 Yes 
CM03 121 
European  153 179 137 123 1.02 Yes 
FEMA 148 161 269 123 1.02 Yes 
NZSEE 153 137 129 264 1.07 Yes 
CM01 176 
European  198 246 180 140 0.80 Yes 
FEMA 188 222 336 140 0.80 Yes 
NZSEE 198 180 151   274 0.86 Yes 
CS02 49 
European  45 50 47 62 0.92 Yes 
FEMA 59 45 134 47 0.92 Yes 
NZSEE 45 47 60 141 0.92 Yes 
CS03 74 
European  68 80 73 73 0.92 Yes 
FEMA 88 72 179 55 0.74 No 
NZSEE 68 73 72 147 0.92 Yes 
CS01 92 
European  88 110 99 83 0.90 Yes 
FEMA 112 99 224 62 0.67 Yes 
NZSEE 88 99 84 152 0.91 Yes 
Figure 3.29 displays the results in a bar diagram. For each wall the in-plane strength according to 
the numerical results and analytical predictions are plotted. The in-plane strength capacity 
presented in the form of diagram allows for an easier interpretation of the results and promotes 
the comparison between walls. Here, the influence of the geometric configuration and 
compression load in the horizontal capacity of the wall is easily perceptible. In what concerns the 
analytical predictions, globally good agreement with the numerical was verified for all the 
formulations. For slender walls (CS) minor differences were found for European and NZSEE 
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predictions comparing with the achieved numerical lateral strength, and less reasonable errors for 
FEMA predictions when diagonal cracking is governing the failure. The strength capacity CM01 
wall was slightly underestimated by the analytical formulations, being the expressions provided 
by NZSEE the ones giving closer values to the numerical values, with an error of around 14%. 
For the remaining CM walls (CM02 and CM03), the strength capacity is very well estimated by 
all the formulations as can be graphically confirmed in Figure 3.29. The in-plane capacity of CT01 
wall was predicted with very good precision by NZSEE expressions and with good approximation 
by the others. Good agreement was also found in the estimation of the in-plane capacity of wall 
CT03 by the simplified formulations. European and NZSEE analytical predictions achieved very 
close strength values when compared to the numerical for wall CT02. FEMA mispredicted the 
failure mode for this wall and for this reason the strength capacity attained is overestimated.  
 
Figure 3.29 Comparison between numerical shear strength and predictions by analytical models. 
Based on the investigated analytical models and comparison with the test results, it can be 
concluded that all the analytical models for unreinforced masonry walls can predict successfully 
and with good approximation the maximum shear capacity of the walls and failure modes 
regarding shear and flexural behaviour. 
3.8. FINAL CONSIDERATIONS  
In this Chapter a discussion on the in-plane behaviour of masonry walls with different slenderness 
ratios and distinct levels of axial load subjected to shear loading is addressed, using advanced 
numerical simulations. The numerical study was based on the experimental campaign performed 
at the EUCENTRE and University of Pavia on stone masonry piers. Aiming at simulating the in-
plane behaviour of masonry walls experimentally tested, finite element models were prepared.  
Linear analyses results showed large difference on the initial walls stiffness when compared with 
the measured experimental behaviour. The calibration procedure, as well as the analysis and 
comparison with similar available experimental results, allowed the conclusion that the elastic 
modulus should be updated according to the pre-compression level. In order to calibrate the 
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numerical models, the elastic modulus of masonry was updated to adjust the walls stiffness to the 
experimental behaviour since it is highly influenced by the by axial pre-compression.  
Good agreement was found between the experimental force-displacement envelope and the 
numerical capacity curve. The efficiency of finite element continuum modelling to forecast a 
representative failure mode of the masonry was investigated. Comparing with the failure in 
experiments, the failure modes were also well estimated by the numerical models, proving the 
potential of the presented numerical strategy to simulate the in-plane behaviour of masonry walls 
with accuracy. The limitation of the numerical approach to simulate sliding was discussed during 
the Chapter and it was considered that this would not provide significant changes in the prediction 
of the wall behaviour or strength capacity.  
This work demonstrates that the understanding of the behaviour of masonry walls under in-plane 
loading can be significantly improved by numerical approaches. The validation of the numerical 
models is an imperative step to gain confidence in the subsequent results. The presented numerical 
strategy can be seen as a complementary way to study masonry piers, particularly useful for 
parametric studies after model validation. 
With the purpose of extending the study of masonry walls to other configurations and stress levels, 
and taking advantage of the validated models, parametric analysis were carried out. The results 
allowed for the in-plane behaviour characterization of 5 additional walls, defining the lateral 
strength capacity and estimating the damage distribution. It was possible to confirm that flexure 
failure modes were predominant in slender walls with low levels of pre-compression. Walls with 
lower slenderness ratios subjected to higher compressive loads tend to exhibit typical shear 
behaviour with diagonal cracking developing at the centre of the pier. It was also demonstrated 
that the higher level of pre-compression the greater in-plane capacity of the walls and the larger 
slenderness relation the lower lateral capacity achieved by the walls.  
The walls deformation capacity was also assessed and discussed according to the drift limits 
imposed by codes. Besides the 9 walls studied, the mechanical parameters of masonry were also 
varied in order to obtain a more extensive data in a total of 90 analyses. The study was intended 
to provide additional insight into how the parameters used in the analysis influenced on the 
capacity. The drift data attained in these numerical analysis were compiled and compared to drift 
codes limits. A number of walls did not fulfilled the limit imposed and for that reason different 
boundary conditions at the top of the wall were studied. With the purpose of simulating the 
coupling provided by spandrels, a stiffness equivalent to 0.5 m of masonry spandrels was 
considered to carry some additional analyses. Numerical models including interface elements at 
the top to simulate the stiffness provided by 0.5 m of spandrels were studied estimating an increase 
of 37% in average in the deformation capacity. Thus, considering this more realistic boundary 
conditions the typical drift limit in the codes is fulfilled for 94% of the walls. 
Finally, the usage of a simplified formulations to predict the strength capacity of walls is also 
addressed, which are associated to distinct failure modes occurring in masonry walls under in-
plane loading. The comparison between the numerical results with the lateral shear strength 
estimated by simplified models, revealed that these expressions can predict with very good 
approximation both the failure mode and the lateral resistance of a wall. FEMA expressions can 
mispredict the failure modes. European and NZSEE seem to better estimate the failure modes and 
predict with precision the walls in-plane capacity. 
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The widespread presence of masonry buildings worldwide emphasized the great vulnerability of 
the majority of these buildings to seismic events, mostly due to the lack of effective connections 
between elements (Mandara et al. 2009). It has been well documented by post-earthquakes 
surveys that the global seismic behaviour of masonry structures highly depends on the efficiency 
of the connections among vertical and horizontal structural elements.  
As mentioned in Chapter 2, typical unreinforced masonry buildings are in general composed of 
multiple load-bearing masonry walls arranged in orthogonal planes, with relatively flexible floor 
diaphragms. The capability of the structures to redistribute horizontal loads depends on the 
connection between orthogonal walls, the flexibility of the diaphragms and their connection to 
the masonry walls (Lourenço et al. 2011). The combination of effective connections and floor 
diaphragms, stiff enough to redistribute the horizontal actions through in-plane walls, provides 
the so called “box behaviour” to the building, which usually leads to a good performance of the 
whole structure when subjected to horizontal actions (Lourenço et al. 2009; D’Ayala 2011). For 
this reason the strengthening of the connections between structural elements became an eminent 
issue in the past few years since it can improve the global performance of a masonry building in 
a significant way.  
It is often stated that the culture and history of a country can be reported by its heritage buildings. 
Bearing this in mind, special attention should be given to the choice of potential reinforcement 
solutions. Accordingly, injected anchors are particularly well suited to repair and strengthen 
ancient masonry buildings considering aspects of minimum intervention and quality 
requirements, mainly because the function and appearance of the masonry will be not affected 
and the new elements will not be discernible (Gigla 2004). Furthermore, its design features allow 
for adaptations that meet safety requirements while still remaining sensitive to the original 
architecture. Indeed, the improvement of the connections behaviour by application of injected 
anchors is a recurrent technique in ancient and historic masonry. Potential strengthening solutions 
for connections between structural elements using injection anchors have been presented in 
section 2.4 (see Figure 2.13). In this work, the study of injected anchors in stone masonry walls 
as a possible solution to strengthen walls to half-timber-walls connections is addressed.  
An experimental campaign recently carried out at University of Minho on connections aimed at 
assessing the performance of masonry-to-timber connections strengthened with injected anchors. 
These connections are representative of wall-to-wall connections found in ancient buildings built 
after the 1755 Lisbon earthquake. Figure 4.1 illustrates the strengthening solution adopted for the 
improvement of the connection between external and internal walls, consisting of two parallel 
Cintec® anchors injected in the external masonry wall and connected to the internal wall by means 
of suitable steel plates, as proposed in Cóias (2007). This technique basically consists on a tensile-
resistant element, usually steel, inserted into a borehole filled with grout, which carries the tensile 
forces. Since an effective connection between perpendicular walls is granted by the injected 
anchors in masonry walls, the overturning of the external walls (out-of-plane collapse) is avoided 
and the horizontal forces can be transferred to the adjacent walls, which will present a more stable 
in-plane behaviour, activating global failure mechanisms. 








Figure 4.1  Strengthening solution with parallel anchors: (a) 3D view of the timber frame wall and 
the connecting anchoring system; (b) Connecting system; (c) Top view strengthening 
system (adapted from (Cóias 2007). 
Notwithstanding the importance of connections, the knowledge on the behaviour of injected 
anchors in masonry is very limited and only few experimental campaigns on injected anchors in 
masonry are available (Gigla and Wenzel 2000; Arifpovic and Nielsen 2004; Gigla 2004; Ashour 
and Alqedra 2005; Algeri et al. 2010). Experimental results indicate that the main factor limiting 
the capacity of the anchoring system is usually not the failure of steel or the steel/grout interface, 
but rather the somehow reduced shear and tensile strength of the masonry substrate to which the 
anchor is injected.  
The failure modes experimentally identified for injected anchors in masonry seem to be similar 
to the ones found for anchors in concrete (Gigla and Wenzel 2000; Arifpovic and Nielsen 2004; 
Gigla 2004; Ashour and Alqedra 2005; Algeri et al. 2010). The load transfer between the steel 
element and the surrounding masonry comprises two interfaces: the outer intersection between 
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subjected to tensile loading, injected anchors in masonry may exhibit the following failure 
mechanisms (see also Figure 4.2): 
 Steel tensile failure: the anchor is loaded until the yielding of steel (Figure 4.2a); 
 Masonry cone failure: shear cone-like surface failure that occurs in the masonry with 
detachment of a small part of the wall around the anchoring system (see Figure 4.2b); 
 Sliding failure along the outer interface: sliding of the anchoring system by failure at the 
masonry-grout interface (outer interface) with the disconnection of the anchoring system 
from the wall (see Figure 4.2c); 
 Sliding failure along the inner interface: sliding of the steel anchor along the steel-grout 






Figure 4.2  Possible failure mechanisms in anchoring systems: (a) Steel failure; (b) Masonry cone 
failure; (c) Sliding failure along the outer interface; (d) Sliding failure along the inner 
interface (adapted from Algeri et al. 2010). 
Although the four individual failure mechanisms are possible, steel failure is rarely observed and 
takes place only in cases when the embedment depth and strength of the masonry are very high. 
A combination of two different failures was also observed experimentally (Arifpovic and Nielsen 
2004; Gigla 2004). Usually, the masonry cone failure occurs with the presence of the cone 
formation simultaneously with sliding (also called bond failure) along the outer interface. 
Masonry is a heterogeneous material with many variations with regards to the units’ 
configuration, its strength and the mortar characteristics. The behaviour of the masonry 
components, as well as the organization and ratio of units and joints, has a significant influence 
in the ultimate capacity of the anchoring system, since the masonry global behaviour and bond 
strength of the injected anchor affects the load transfer mechanism (Meyer and Eligehausen 
2004). For this reason the tensile force in anchors needs to be limited in accordance with the 
properties of the surrounding material.  
As proved by previous experimental tests, the performance of injected anchors in masonry 
depends of several factors that combined can generate a diversity of different anchors conditions. 
Masonry properties, anchor embedment depth, spacing between anchors, anchor diameter among 
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mechanism of injected anchors (Meyer and Eligehausen 2004). The study of the influence of these 
parameters on the behaviour of injected anchors in masonry is almost impractical from an 
experimental point of view and the numerical studies in this field are also scarce. For this reason, 
reliable numerical models, which simulate accurately the behaviour of the anchor injected in 
masonry, can be used as a numerical laboratory, where the sensitivity of the results to material 
parameters, geometrical features and actions can be studied. 
In this Chapter an extensive numerical study based on the results from experimental tests carried 
out at the University of Minho is presented. The Chapter is organized into four sections, covering 
from the brief description of the experimental programme results, the development of the 
numerical model and its validation, going through parametric analyses to the application of 
simplified analytical expressions. Firstly, the outline of the experimental programme, which 
includes the most relevant results obtained in the tests and used in the numerical study, is 
addressed. Then, the numerical study resorts to a detailed 3D finite element model, which is 
intended to reproduce the experimental test setup and procedure. The numerical model calibration 
process was performed through the comparison with the experimental outcomes. Nonlinear 
analyses to numerically characterize the nonlinear behaviour of the anchoring system are also 
presented and discussed in this section. Additionally, the model validated against the experimental 
results was used to perform parametric analyses in order to evaluate the influence of key 
parameters discussed here and over section 2.4. Nonlinear analyses to evaluate the influence of 
the masonry quality, wall pre-compression level, embedment depth, anchors diameter and anchors 
spacing in the ultimate deformation capacity, ductility and failure mechanism are presented and 
discussed. The goal is to define critical parameters by studying the effect of selected variables on 
the behaviour of the anchors installed in the masonry wall. Finally, simplified analytical 
approaches to estimate the strength capacity of injected anchors on masonry are briefly reviewed 
and the results compared both with the experimental and numerical outcomes.   
4.2. EXPERIMENTAL CONTEXTUALIZATION 
In this section a brief contextualization of the experimental campaign carried out at University of 
Minho on injected anchors in masonry walls is presented. Detailed information regarding the 
experimental campaign can be found elsewhere (Moreira et al. 2012).  
The strengthening solution proposed in the previous section consists of two injected anchors 
placed parallel to each other in an irregular stone masonry wall, connected to the half-timbered 
wall by means of steel angles. The specimens were designed without the half-timbered wall, 
focusing exclusively on the strengthening solution. The experimental campaign included the 
construction and testing of several real scale masonry walls in which parallel Cintec® anchors 
were applied. The applied Cintec® anchoring system is straightforward consisting on the injection 
of a cementitious grout into a fabric sock, which has already been placed in an oversized drilled 
hole (Cintec 2012). 
Specimens intend to recreate as much as possible representative conditions of existing buildings 
from Lisbon constructed after the 1755 earthquake. Stone masonry walls were constructed with 
rubble limestone units from the surroundings of Lisbon and mortar with a ratio of 1:3:10:6 
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(cement, hydraulic lime, river sand, yellow sand) with a compressive strength of 1.27 MPa (28 
days). The rubble masonry specimens were hand constructed and have 2 m width and 1.6 m high. 
Walls were built with a thickness of 0.4 m, representative of a 4th floor wall, which directly 
interferes in the anchor embedment depth (0.35 m) and, consequently, on the response of the 
anchor to pull-out forces. A pair of parallel anchors were introduced in the masonry specimen in 
two levels in order to optimize the available resources (see Figure 4.3a). In order to reproduce 
typical field conditions to make the boreholes, the wall was loaded vertically under compression 
in order to reproduce the expected compressive stress state caused by permanent loads at a 
4th floor.  The anchoring system was installed only after the loading of the walls. The 16 mm 
diameter steel bars were inserted into 50 mm diameter boreholes injected with a Cintec® grout 
(PresstecTM), resulting in a two-anchor system with 280 mm distance between anchors 
considering a half-timbered wall 120 mm thick plus the constructive distances of the steel angle 
connecting both walls (see Figure 4.3b). The cement grout provided by Cintec® is part of their 
standard anchoring solution and presents a tensile strength of 4.5 MPa and a compressive strength 
of 51.5 MPa, both at 28 days. The steel bars of the anchoring system were made of stainless steel 
AISI 304 class 70, in order to keep them within the elastic range during the entire test.   
Monotonic and cyclic pull-out tests were performed in order to assess the performance of the 
anchoring system and to characterize its behaviour. The vertical load was applied with actuators 
designed to apply a constant compressive stress of 0.20 MPa to the masonry wall through the stiff 
HE200B metallic beams, in order to simulate the effect of quasi-permanent loads in the structure. 
The pull-out horizontal load, which intends to recreate the seismic action, was applied in the two 
parallel injected anchors at the same time. Monotonic or cyclic displacements were imposed 
increasingly until one of these conditions is verified: a 50% decrease in load or the propagation 
of cracks beyond the expected area of damage. The out-of-plane displacements of the wall are 
limited by the use of a self-balanced reaction frame. Aiming at accommodating small 
deformations, a hinge was used between the actuator and the specimen. The test setup is 
schematically presented in Figure 4.3c. A photograph of the preparation of the test in the 
laboratory is shown in Figure 4.4. 
 
 




















Figure 4.3  Specimen configuration and test setup (in millimetres): (a) Front view with the location 
of anchors; (b) Plan view of the anchors; (c) Cross section of wall and test set-up (Moreira 
et al. 2012). 
 
Figure 4.4  Specimen and test setup configuration in the laboratory (Moreira et al. 2012). 
Since the material properties assume major influence on the behaviour this system, the 
experimental campaign also included the mechanical characterization of the base materials. 
Compression tests were carried out on masonry prisms, mortar cylinders and limestone cores. 
Diagonal compression tests were also performed on masonry wallets. The average compressive 
strength resultant from the tests on mortar cylindrical samples was 1.3 MPa. Limestone units’ 
characterization tests indicated an average compressive strength of 107 MPa and an elastic 
modulus of 51500 MPa. The mechanical characterization of masonry included the construction 
of five masonry prisms with 0.40×0.50×0.80 m3, which were subjected to compression tests, and 
three masonry wallets with 0.8 m2 per 0.3 m thickness tested by diagonal compression. Masonry 
mechanical characterization provided by the referred tests is presented in Table 4.1. Further 
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Table 4.1   Mechanical properties of masonry (Moreira et al. 2012). 
 Average COV [%] 
Elastic modulus  E [MPa] 1015 14 
Compressive strength Q [MPa] 1.7 10 
Shear strength   [MPa] 0.29 15 
Tensile strength  f	[MPa] 0.14 15 
Although both the upper and lower pairs of anchors applied in the walls were tested, only the 
upper level tests were considered for the numerical study. The results from one monotonic and 
two cyclic experimental test are available and will be used for the numerical model validation. 
After performing the tests, specimens were demolished and carefully surveyed in order to evaluate 
the cracks development and failure mode (an example is displayed in Figure 4.5). All tests showed 
that the formation of a shear cone combined with sliding at the grout/masonry interface was the 
recurrent failure mode. The masonry cone failure is characterised by the formation of a roughly 
conical fracture surface radiating from the edge of the anchor. During visual inspection it was 
confirmed that the tests showed an influence of the masonry cone in the failure of the system 
higher than sliding between the interface materials. This survey showed an overlap between 
failure cones, which is a direct result of the vicinity between anchors.  
  
(a) (b) 
Figure 4.5  Example of one pair of injected anchors after testing: (a) Crack pattern; (b) Sliding on the 
grout/masonry interface (Moreira et al. 2012).     
The outcome obtained from the LVDT´s installed was used for the definition of the global 
horizontal force-displacement curves for each test. The displacement chosen to plot the capacity 
curves was the loaded end of the anchors. Note that the total displacement is a combination of the 
masonry shear cone formation with the relative displacement of the steel bar-grout (referred as 
inner interface) and grout-masonry (referred as outer interface) interfaces. Figure 4.6 illustrates 
the experimental envelope obtained from the combination of the individual force displacement 
curves of three tests. The average maximum load equals 76.8 kN and the maximum displacement 
achieved is around 19 millimetres. Force-displacement curves display a long linear branch until 
50% to 85% of the peak load and the softening branch tended to an ultimate load interval between 
35 kN to 45 kN. For all tests, the post-peak behaviour of the anchors shows a gradual degradation 
of force and stiffness with the increasing of displacements.  




Figure 4.6  Envelope of the force-displacement curves resultant from the experimental tests.  
4.3. NUMERICAL STUDY 
4.3.1. Introduction 
The purpose of the numerical study is to contribute to clarify the behaviour of injected anchors in 
masonry walls. A number of experimental works are available in literature (as already referred 
to) but the study cases are limited due to obvious economic, time and resource restrictions. For 
this reason, numerical modelling is commonly regarded as a complementary approach to further 
study different conditions and parameters, which is nearly impracticable from the experimental 
point of view. Still, the confidence in the numerical results implies its validation against 
experimental data. Considering this, the experimental campaign briefly described in the previous 
section is the basis of the numerical study. After the validation with experimental data, the 
numerical model can be used to simulate parametric conditions. For this purpose, the numerical 
model should be able to simulate not only the experimental test conditions but also the typical 
behaviour of injected anchors in masonry.  
Previous conducted experimental works proved that the failure mechanisms verified for injected 
anchors in masonry subjected to pull-out load tend to be recurrent. The pulling force is transmitted 
between the surrounding masonry to the tensile element and includes two interfaces: the outer 
intersection between masonry and grout, and the inner intersection between grout and the steel 
element. Depending on the masonry material properties, the embedment depth, the steel strength 
and also the bond strength between the steel-grout and grout-masonry, injected anchors in 
masonry loaded in tension exhibit different failure modes. According to several authors (Gigla 
and Wenzel 2000; Arifpovic and Nielsen 2004; Gigla 2004; Algeri et al. 2010), as described in 
Chapter 2, injected anchors in masonry when subjected to tensile loading exhibit four main types 
of failure mechanisms: steel failure; punching shear failure; masonry-grout bond failure and 
grout-steel bond failure (see Figure 4.2).  
Note that, although the main purpose of experimental campaign was to study the connection 
between masonry and half-timbered walls, the experimental test setup only included the 
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construction of the masonry wall injected with anchors. For this reason, the outcome of this work 
can provide insight in the context of any strengthening technique involving anchors injected in 
masonry. 
4.3.2. Modelling Strategy 
Taking into account the complexity of the system to be modelled, the numerical simulation of the 
structural behaviour up to failure requires a sophisticated modelling approach, including the use 
of advanced computational models (Lourenço et al. 1998). Therefore, a detailed 3D finite element 
model (FEM) was developed in DIANA 9.4 (TNO DIANA 2009) and sophisticated constitute 
laws were used for masonry, aiming at an accurate simulation of the structural behaviour of the 
injected anchors in the masonry wall. 
The adopted geometry is equal to the one defined for the experimental test setup, i.e., the wall 
dimensions are 2.0x1.6 m2 with 0.4 m thickness, the anchor with 16 mm diameter in a 50 mm 
diameter borehole. The bottom anchors were also included in the model aiming at recreate the 
real conditions of the experimental setup. The two HE200B steel profiles, used in the 
experimental tests to uniformly distribute the compression load to the wall, were simulated as an 
equivalent steel beam in other to simplify the modelling without changing the inertia and weight 
properties. 
Moreover, since this model is intended to simulate the behaviour of injected anchors in masonry, 
it was required to account separately for bonds between materials in order to reproduce accurately 
all the failure mechanisms. With this purpose, the approach used to model the anchoring system 
embraces interface elements between the steel bar and the grout, and between the grout and the 
masonry, see Figure 4.7. Note that the thickness of the interfaces is merely representative. The 
outer interface refers to the bond surface between masonry and grout and the inner interface to 
the bond between the steel bar and grout. 
 
Figure 4.7  Modelling strategy used to model the anchoring system (representative thickness in the 
interfaces). 
The mesh was defined aiming a compromise between accuracy and efficiency. Brick elements of 
twenty nodes, CHX60 (Figure 4.8a), are predominantly used for the mesh, although some 
tetrahedral elements of fifteen nodes, CTP45 (Figure 4.8b), were also adopted to accommodate 






Chapter 4 – Behaviour of Injected Anchors on Masonry Walls 
 
75 
rotations. For the simulation of the bond between different materials, tri-dimensional interface 
elements of eight nodes in each surface, CQ48I (Figure 4.8c), were used. All the elements include 
quadratic interpolation, providing a rather good approximation of the displacement field. Detailed 
information regarding the finite elements used is available in (TNO DIANA 2009). 
 
(a) (b)  (c) 
Figure 4.8   Finite elements used in the model: a) CHX60; b) CTP45 e c) CQ48I (TNO DIANA 
2009). 
The generated mesh results in 39.555 nodes and 9.441 elements. The mesh discretization was 
carried out in a compromise between the reliability of the results with controlled computational 
efforts and time requirements. The huge number of degrees-of-freedom of the model (over 
200.000) limited the mesh refinement to the surrounding areas of the anchors since these are the 
regions where higher stress variations occur.  A less refined mesh was adopted in the regions 
where the stress distribution is smooth. The level of refinement was also optimized through the 
wall thickness, gradually becoming more refined closer to the anchor’s loaded end. The numerical 
model and meshing discretization is presented in Figure 4.9. 
 
Figure 4.9  Numerical model mesh. 
The model is fully restrained at the bottom in order to reproduce the experimental constraints. 
The areas of the wall in contact with the reaction frame were restrained only for horizontal out-
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In what concerns the material properties, masonry was assumed as a homogeneous isotropic 
material with mean-value properties, which is a good compromise between accuracy and 
efficiency (Lourenço et al. 2007b). The value of the elastic modulus for masonry was based on 
the compression tests results performed on masonry prisms. The Poisson ratio was set equal to 
0.20. Typical values for the elastic modulus and density of steel were used. Regarding the physical 
and mechanical properties of the grout, information from the technical sheet was used (Cintec 
2012). Table 4.2 provides the elastic properties adopted for the materials.  
Table 4.2  Material properties adopted.  
 E [GPa] ν [-] γ [Kg/m3] 
Masonry 1.0 0.2 1900 
Steel  210 0.3 7850 
Grout 30 0.2 2300 
Interface elements describe the bond behaviour in terms of a relation between the normal and 
shear tractions and displacements across the interface (TNO DIANA 2009). Thus, its elastic 
behaviour is defined by the normal and tangential stiffness of the bond between materials. As the 
experimental campaign carried out did not include the mechanical characterization of the bond 
behaviour along the 2 interfaces listed before, the interface stiffness was defined, in an initial 
phase, according to the available literature. Studies on the bond behaviour of steel-grout are scarce 
and no suggested values for the bond stiffness were found. For this reason, studies in the field of 
concrete-steel bond behaviour in reinforced concrete were taken as an initial approximation since 
the mechanical characteristics of these materials are fairly comparable and no significant 
differences should be expected. A range of values around 9-400 MPa/mm, depending on the bond 
conditions, has been indicated for the tangential stiffness of the inner interface according to 
investigations in this field (Lowes 1999; Zhu and Law 2005; Jeong et al. 2005; Lee et al. 2011).  
A number of investigations on the behaviour of grout-masonry interfaces were performed 
considering different masonry types. Bajer and Barnat (2012) carried out experimental tests and 
numerical analyses for the study of the glue–concrete interface of bonded anchors under tensile 
load and a value around 500 MPa/mm was pointed out for the shear stiffness. The bond between 
grout and surrounding brick masonry was investigated by Gigla (2004), providing values between 
55 MPa/mm and 66 MPa/mm for the shear stiffness. Literature studies concerning unit-mortar 
interface on masonry (which can be also associated to the grout-masonry bond), as well as some 
expressions for its calculation, were also considered to estimate the interface parameters 
(Lourenço 1994; Lourenço 1996b; Jarred and Haberfield 1997; Eshghi and Pourazin 2009). Thus, 
a range of values around 10-500 MPa/mm seems reasonable for the outer tangential stiffness.  
The usual elasticity equations relating normal and tangential stiffness indicate that the normal 
stiffness is approximately twice the tangential one (Oliveira and Lourenço 2004). This range of 
values will be the starting point for the calibration against the experimental results. The initial 
values were defined taking into account that the inner interface stiffness is expected to be higher 
than the outer interface stiffness.  
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4.3.3. Initial Linear Analysis  
A preliminary elastic analysis was carried out in order to guarantee that the experimental wall 
conditions are accurately simulated by the numerical model. The numerical simplification in the 
modelling of the HE200B beams (simulated as a rectangular cross section with the same depth as 
the real, 400 mm, and a height calculated so that the inertia of the element remains unchanged), 
was evaluated to verify if the vertical load is evenly distributed in the wall. The model 
simplifications can never compromise the correct simulation of the system behaviour. It should 
be noted that the density of this material was adapted to the new geometry in order to maintain its 
actual weight. 
The compressive stress (200 kPa) is imposed on the wall through a distributed load in the upper 
face of the beam. The compressive stress distribution in the wall is presented in Figure 4.10. The 
analysis of the results showed that the distribution of stresses in the wall is quite homogeneous 
proving that the modelling simplification adopted for the metallic beams is suitable and simulates 
with good accuracy the conditions of the experimental tests.  
 
Figure 4.10 Compressive stress distribution on the wall after the application of the vertical load (in 
kPa).  
Afterwards, a quick analysis to assess the ability of the model to simulate the behaviour of injected 
anchors in masonry was carried out. For that, linear analyses were carried out trying to capture 
numerically the structural behaviour that identifies each one of the main failure mechanisms 
defined in Figure 4.2 by varying the interface parameters (within the range defined above). Since 
the steel failure usually occurs on smaller diameter bolts with longer embedment lengths, which 
is not the case, only the failure mechanisms associated to the masonry cone formation and sliding 
along the interfaces were investigated numerically. 
The experimental test procedure was followed for the numerical analysis, where the compressive 
vertical stress was initially applied on the top of the metallic beam and the upper level anchors 
were put into tension by applying increasing displacements to its outward end.  
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Predominant relative displacements similar to a sliding failure pattern along the inner interface 
(steel-grout) were obtained numerically by decreasing its stiffness. This behaviour is perceptible 
in Figure 4.11 where the maximum principal strains are plotted simultaneously with the deformed 
shape of the model (the white contour on the bar represents the sliding, relative displacements 
along the interface). In the same manner, the “sliding failure” along the outer sock-masonry 
interface was captured by increasing the inner interface stiffness and decreasing the outer one. 
The “sliding” along the grout-masonry interface is noticeable in the numerical results plotted in 
Figure 4.12, with the out-of-plane displacement of the whole anchoring system. Finally, the 
masonry cone failure was numerically simulated by increasing both the interfaces stiffness to 
assure that concentration of strains develops in the masonry. In Figure 4.13 is perceptible a shear 
cone formation on the masonry wall near the anchors. As expected, the strain distribution is 
concentrated around the anchoring system for all the three failure mechanisms simulated. The 
ability of the numerical model to simulate these three modes proves its adequacy to proceed to 
the model validation and nonlinear analysis.    
 
 
Figure 4.11 Sliding failure along the inner interface. 
 
 
Figure 4.12 Sliding failure along the outer interface. 





Figure 4.13 Masonry cone failure. 
4.3.4. Initial Validation  
A set of linear elastic analysis was carried out in order to calibrate suitable interface stiffness 
values that best match the experimental curves in the linear range. Sensitive studies varying the 
inner and outer interface stiffness were performed. These analyses proved that the values of the 
normal stiffness do not have a strong influence on the structural behaviour of the system and 
therefore were considered to be twice of the tangential ones. This inverse fitting process resulted 
in the values presented in Table 4.3, which are within the range defined in literature. A comparison 
in terms of force-displacement between the experimental envelope and the linear numerical 
analysis result is given in Figure 4.14. 
Table 4.3  Interface Stiffness. 
Inner Interface Outer Interface 
Tangential stiffness  Normal stiffness Tangential stiffness Normal stiffness 
100 200 50 100 
  
Figure 4.14 Comparison between the experimental envelope and numerical behaviour in the linear 
range. 
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4.3.5. Nonlinear Analyses  
In this section the procedure followed for the characterization of the nonlinear behaviour of the 
system is described. Nonlinear analyses were carried out with the purpose to provide additional 
insight of the behaviour of the system subjected to combined compressive and shear loading and 
also to the further validation of the numerical model in the non-linear range. Only material 
nonlinear behaviour is considered, since it is expected that geometric nonlinearities would not 
provide significant differences in the results.   
Nonlinear Formulation  
Most of the nonlinearities are expected to concentrate in the masonry, since at the time masonry 
fails, steel and grout are most probably still in the linear range. After testing, the specimens were 
demolished and carefully surveyed. The visual inspection revealed that almost no damage was 
observed in the grout. For this reason the linear behaviour adopted for this material seems to be a 
reasonable option. Interface elements allow only for linear elastic relative displacement since it 
is expected that most nonlinear phenomena occur in the masonry. In fact, experimental tests 
showed an influence of the masonry cone higher than the grout/masonry interface, being the 
masonry the main contributor to failure.  
The non-linear behaviour of the masonry is modelled by adopting two constitutive models based 
on the total strain crack model: the total strain fixed crack model (FCM) and the total strain 
rotating crack model (RCM), both available in DIANA 9.4 (2009). These models describe the 
tensile and compressive behaviour of the masonry with a stress-strain relationship. In both models 
a crack is initiated when the maximum principal stress equals the tensile strength of the material 
and the initial orientation of the crack is normal to the maximum principal strain. In the fixed 
crack model the strain transformation matrix is fixed upon cracking and the crack plane is also 
fixed during the full analysis process. On the other hand, in the rotating crack model the crack 
direction rotates with the principal strain axes ensuring that the crack remains normal to the 
direction of the maximum principal strain. More appealing to the physical nature of cracking is 
the fixed stress-strain concept in which the stress-strain relationships are evaluated in a coordinate 
system fixed upon cracking (TNO DIANA 2009). However, the shear stress locking problem 
can be noted as the main disadvantage (Ghiassi 2013). The rotating crack model is more 
flexible and allows for a gradual correction of an initially mispredicted crack direction. Both 
approaches are easily described in the same framework where the crack directions are either fixed 
or continuously rotating with the principal directions of the strain vector.  
In the fixed crack model, a shear retention factor has to be chosen for the definition of the shear 
behaviour, which leads to some stress built-up and locking. On the contrary, in the rotating crack 
model a unique shear term is evaluated during the analysis and updated taking into account the 
current damage state. No shear model is required in this method since it inherently abandons the 
possibility of incorporating different crack shear models since the crack always occurs in a 
principal direction (Rots 1988). It is expected that the structural behaviour of the model becomes 
highly dependent on the shear behaviour of masonry. Fixed and rotating crack formulations were 
considered, aiming at discussing the most suitable modelling approach.  
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Masonry is modelled using exponential softening in tension and a parabolic strain-stress 
relationship in compression, for both fixed and rotating formulations. These sophisticated stress-
strain relationships are suitable to describe the behaviour of masonry (Lourenço 1996a). The 
analysis is physically non-linear. While shear behaviour does not require the user definition within 
the rotating crack model, in the fixed crack model the post-cracked shear behaviour was modelled 
using a constant shear retention factor (β). Thus, the behaviour of masonry is expressed by the 
strain-stress relations described in Figure 4.15a for compression, Figure 4.15b for tension and 
Figure 4.15c for shear behaviour in the case of FCM. 
 
(a) (b) (c) 
Figure 4.15 Mechanical behaviour of masonry: (a) Tension; (b) Compression; (c) Shear (applicable 
for FCM). 
The tensile and compressive strength of masonry were defined according to the experimental 
characterization tests results, given in section 4.2. The tensile and compressive fracture energy 
values, necessary for the constitutive models definition, were initially estimated based on the 
relations described in section 3.4 (Equations (3.1) and (3.2)). The shear retention factor (β) was 
defined for the fixed crack model according to the recommendations found in DIANA 9.4 (2009). 
Besides the shear behaviour, it is expected that the tensile parameters are the ones with more 
influence in the nonlinear behaviour. These values are calibrated to fit the experimental nonlinear 
behaviour, within reasonable limits. The updated values for the definition of the nonlinear 
constitutive models for masonry are summarized in Table 4.4.  
Table 4.4  Non-linear updated parameters for the masonry constitutive laws definition. 
Compression Tensile Shear 
fc (MPa) Gc (N/mm) ft (MPa) Gt (N/mm) β* 
1.74 2.8 0.1 0.03 0.01 
*Shear factor only for the fixed crack model 
The integration scheme for these elements was defined considering the recommendations 
presented in DIANA 9.4 (2009) and also aiming a reasonable computational time and effort. The 
20 nodes brick elements (CHX60) integration scheme, presented in Figure 4.16a, shows a 2×3×3 
Gauss integration rule.  Three by two Gauss integration points were used for the 15 nodes wedge 
element (CTP45), as depict in Figure 4.16b. Finally, for the quadrilateral interface element 
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functions obtained according to the integration points, express the approximated displacement 
field within the element in terms of its nodal variables. 
 
(a) (b) (c) 
Figure 4.16 Integration schemes for the numerical elements: (a) CHX60; (b) CTP45; (c) CQ48I (TNO 
DIANA 2009). 
The equilibrium of the system of equations in each step of the non-linear analysis was tested 
considering distinct iterative solution methods: linear stiffness, the regular and modified Newton-
Raphson. The regular Newton-Raphson method, which evaluates the stiffness matrix in every 
iteration, showed the best results in terms of convergence. For this reason, a regular Newton–
Raphson iteration procedure was used in the nonlinear analyses and an energy convergence 
criterion of 10-3. 
Nonlinear Analyses Results 
The experimental test procedure was followed for the nonlinear analysis: firstly the self-weight 
of the system was considered, then the compressive vertical load was applied on the top of the 
metallic beam and finally the upper pair of anchors was loaded in tension by applying increasing 
horizontal displacements at its outward end. Nonlinear analyses were carried out considering both 
FCM and RCM formulations and the material behaviour described in the previous section.  
Figure 4.17 presents the force-displacement curves from the FCM and RCM and also the 
experimental envelope. The comparison of the numerical analyses (FCM and RCM) against the 
experimental envelope does not show significant differences concerning the linear behaviour and 
peak force, as expected. Although both numerical curves present a sudden decrease in load 
capacity just after the peak, the post-peak response exhibits considerable differences. The FCM 
formulation provides a continuously increase of the force after peak, which is not in agreement 
with experiments. In fact, the experimental post-peak envelope shows clearly a gradual force 
decrease with respect to displacement, which is well captured by the RCM formulation. This last 
approach provides a maximum force of 70 kN (very close to the mean experimental value, 
76.8 kN, with an error less than 9%) and an ultimate converged displacement of 15 mm.  
The force-displacement response of the RCM and its softening behaviour fits the experimental 
envelope in a very good manner. Therefore, this model is able to reproduce more accurately the 
shear strength after cracking. Figure 4.17 also shows clearly that the shear model can have a great 
influence on the post-peak behaviour of this type of structures, making the difference between a 
realistic structural modelling of the system and an incorrect overestimation of strength, even if 
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resulted in increment of force even after evolution of cracks. Rotating crack models seem more 
suitable for the study of the strength of anchors injected in masonry problems, in which high shear 
stresses develop. 
 
Figure 4.17 Force-displacement curves for the RCM and FCM formulations and experimental 
envelope. 
To further discuss the numerical behaviour provided by the distinct formulations, the maximum 
(tensile) principal strains are plotted and analysed as an indicator of damage. Aiming at improving 
the perception of the damage evolution in the internal layers, the model has been divided in some 
sections as depicted in Figure 4.18.  
 
Figure 4.18 Division in sections of the model for the analysis of the results. 
Figure 4.19 and Figure 4.20 show the maximum principal strains at peak load, for FCM and RCM 
respectively. The qualitative distribution of damage is very similar for both models in the 
surrounding areas of the anchors, although it is more severe in the FCM. The top cross section 
shows damage along the anchors (near the outer interface) for the FCM while diagonal strain 
concentrations were found for the RCM. At this stage, in both analyses the crack pattern and 
deformed shape is characterized by the formation of a shear cone on masonry (more noticeable in 
RCM) and sliding trough the external interface (more noticeable in FCM). The FCM behaviour 
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is clearly conditioned by the concentration of strains in the interface between grout and masonry, 
whilst RCM behaviour is characterized by the masonry cone formation. Experimental tests 
showed an influence of the masonry cone much higher than the interface grout/masonry, as the 
main contributor for failure. Thus, considering these results, the RCM model seems to accurately 
describe the development of the failure mechanisms verified experimentally.  





Figure 4.19 Maximum principal strains at peak load for FCM: (a) Lateral view (undeformed and 
deformed shape); (b) Top view (undeformed and deformed shape). 





Figure 4.20 Maximum principal strains at peak load for RCM: (a) Lateral view (undeformed and 
deformed shape); (b) Top view (undeformed and deformed shape). 
The damage concentration in the post-peak behaviour for FCM and RCM is presented in Figure 
4.21 and Figure 4.22 respectively, by plotting the tensile principal strains. The damage 
distribution found for FCM analysis results in the post-peak behaviour is similar to the one found 
for the peak load, presenting higher level of damage (Figure 4.21). The masonry cone formation 
is more evident at this stage, although the concentration of strains at the grout/masonry interface 
also predicts a great contribute of the sliding through the outer interface to the failure mode.  
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The RCM results show a damage distribution which clearly indicates the existence of a masonry 
shear cone (Figure 4.22). Some differences can be found in the damage distribution in the post-
peak behaviour when compared to the peak behaviour. The shear cone formation becomes wider, 
increasing the wall area that experiences out-of plane displacements. After the peak, the extensive 
concentration of damage in the areas close to the anchors led to the redistribution of stresses in 
the intact surrounding areas.   





Figure 4.21 Maximum principal strains at final stagefor FCM: (a) Lateral view (undeformed and 
deformed shape); (b) Top view (undeformed and deformed shape). 







Figure 4.22 Maximum principal strains at final stage for RCM: (a) Lateral view (undeformed and 
deformed shape); (b) Top view (undeformed and deformed shape). 
The analysis of damage concentration in the post-peak behaviour confirm the shear cone in the 
masonry for both FCM and RCM formulations, although much more evident in the last case. The 
differences found in the crack patterns of the two analysis (FCM and RCM) are related to the 
great influence that the distinct shear behaviour provided by these formulations has in the global 
response of the system. As stressed above, the experimental behaviour observed during the 
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performed pull-out tests showed a combined masonry cone formation with sliding along the outer 
interface failure, being the masonry cone the major contributor to failure. Comparing the damage 
distribution resultant from the distinct formulations, it is evident that the RCM failure is 
characterized by the formation of a cone in masonry, as clearly shown by Figure 4.22, while the 
FCM shows more influence of the sliding along the outer interface. The masonry cone formation 
is not very clear in the latter. As verified in the force-displacement curve, the RCM model seems 
to better simulate the post-peak behaviour of the anchors injected in the wall.  
By the analysis of the damage pattern displayed in Figure 4.22, the cone development through the 
wall thickness and height seems to follow an atypical pattern at certain point. The cracking 
development may have been conditioned by the mesh discretization, which is more refined near 
the anchor. Indeed, the numerical model was prepared according to a macro-modelling strategy 
in which the strain distribution can be dependent on the mesh, as stated by Lourenço (1996a). 
This means that the masonry cone formation may not have exactly the same shape as the one 
presented numerically as this depends on the level of mesh refinement. Even though, a good 
approximation with experiments was found. The strain distribution and obtained failure modes of 
these analyses further validate the RCM model. 
The contour map of the out-of-plane displacements for both analysis is also plotted in order to 
further discuss the wall nonlinear behaviour (Figure 4.23). As expected for both analysis, the out-
of-plane displacements are concentrated near the anchors. The area that suffers out-of-plane 
displacements is higher in the RCM, which is in accordance with the damage pattern shown 
above. Note that the contour maps for FCM and RCM were plotted for the same displacement of 
the anchors, being in this way comparable. The masonry cone formation observed in the 
experimental tests mobilized a significant area around the anchors, which is reflected by the 
behaviour found in RCM analysis.  
 
(a) (b) 
Figure 4.23 Contour map of the out-of-plane displacements: (a) FCM; (b) RCM. 
The comparison between the results provided by the application of FCM and RCM formulations, 
proved that the RCM simulates the experimental behaviour with a better accuracy. The force-
displacement response, damage distribution during the analysis and evaluation of the failure mode 
allowed the comparison between models behaviour and consequently the definition of a model 
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that describes the experimental behaviour. For this reason the RCM formulation will be used 
hereinafter for the parametric study. 
4.4. PARAMETRICAL STUDY 
In this section the validated model is used as a numerical laboratory to perform parametric 
analyses, aiming at efficiently evaluate the influence of some input parameters.  
Experimental campaigns carried out on injected anchors in masonry showed that the primary 
factors affecting the performance of the anchoring system are the anchor diameter, the anchor 
embedment depth and the masonry tensile strength (McGinley 2006), although other parameters 
might influence the behaviour of the system as well. The study of the influence of all these 
parameters is almost impractical from an experimental point of view and, therefore, numerical 
investigations based on reliable models appear as an interesting and appealing solution. 
This section presents a parametric analysis of the anchoring system, where the influence on the 
response of the following parameters of masonry were evaluated: (i) elastic modulus; 
(ii) compressive strength; (iii) compressive fracture energy; (iv) tensile strength; (v) tensile 
fracture energy. The purpose is to evaluate the variation on the structural response with respect to 
the reference model, varying each parameter from 50% to 200% of its initial value. Additionally, 
a few relevant geometric parameters were also varied such as the pre-compression level, anchors 
dimensions, anchors embedment depth and anchors spacing. The parameters influence is 
evaluated by comparing the results with reference model (RCM), summarized by Figure 4.17, 
Figure 4.20 and Figure 4.22. 
4.4.1. Masonry Parameters  
Elastic Modulus 
The influence of the masonry elastic modulus was evaluated by increasing two times and 
decreasing to half the reference value (1 GPa). Force-displacement responses are compared with 
the reference model showing, as expected, the decreasing and increasing in the elastic stiffness 
(see Figure 4.24). The peak load showed an increase of approximately 7% in the analysis 
considering the upper limit for E and a decrease of 8% regarding the lower limit. The sudden 
decrease in load capacity after the peak is verified in all the analyses although smoother in the 
analysis with a higher elastic modulus. The post peak behaviour, for both the upper and lower 
elastic modulus analysis is very similar to the one found for the reference model. The elastic 
modulus influences the linear behaviour (elastic stiffness) instead of the nonlinear response, as 
expected. 




Figure 4.24 Force-displacement curves for the parametric analysis of the masonry elastic modulus. 
The tensile principal strains are also plotted in order to evaluate the damage pattern resultant from 
increasing and decreasing the masonry elastic modulus. The damage distribution for the analysis 
with 0.5 Eref (Figure 4.25) and 2.0 Eref (Figure 4.26) is very similar to the one verified in the 
reference model, in which the masonry cone formation is evident. The damage is more severe in 
the analysis of 2.0 Eref because it was plotted for a higher displacement. Thus, the variation of the 
masonry elastic modulus does not influence the damage pattern and consequently the failure mode 




Figure 4.25 Maximum principal strains at final stage for the 0.5 × ^$%	 analysis: (a) Lateral view; (b) 
Top view. 





















Figure 4.26 Maximum principal strains at final stage for the 2.0 × ^$%	 analysis: (a) Lateral view; (b) 
Top view. 
Compressive Strength  
The compressive strength was studied by decreasing to 0.90 MPa (0.5×fc,ref) and increasing to 
3.50 MPa (2.0×fc,ref) the reference value (1.74 MPa). The other parameters remained unaffected, 
including the compressive fracture energy. To get a better insight about the behaviour modifying 
the compressive strength, Figure 4.27 shows the compressive constitutive laws generated. The 
curves tend to overlap for a certain level of stain (around 1.25×10-2), being the curve with lower 
maximum compressive strength the one attaining higher level of stress after that point. This 
behaviour happened because the fracture energy was kept unchanged.  
 
Figure 4.27 Stress-strain compressive behaviour varying the compressive strength. 
The results from these variations are presented in Figure 4.28 in terms of force-displacement 
responses. Although it was expected that the tensile parameters were the ones to have more 
influence in the system response, the variation of the compressive strength has a relevant impact 
in the model behaviour. The 50% reduction of the initial compressive strength (0.5fc,ref) leads to a 
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reduction on the peak load of around 10% in relation to the reference model, followed by a more 
pronounced post-peak degradation until failure. In contrast, the doubling of the compressive 
strength (2.0fc,ref) originates an important increase of the applied force, even if this increase occurs 
after a first peak. The first peak load does not suffer significant variation compared to the 
reference response. The analysis of these responses proved that the masonry compressive strength 
can be a relevant parameter in the anchoring system behaviour. 
 
Figure 4.28 Force-displacement curves for the parametric analysis of the masonry compressive 
strength. 
The compressive and tensile strains distribution presented in Figure 4.29 for the 0.5fc,ref and Figure 
4.30 for 2.0fc,ref, indicate a typical masonry cone breakout behaviour, as verified in the reference 
model. Thus, the failure mode is not affected by varying the compressive strength of masonry. 
The minimum principal strains distribution displayed in Figure 4.29c and Figure 4.29d for the 
analysis decreasing fc, shows a concentration of compressive strains near the inward end of the 
anchors, indicating the crushing of masonry in these areas. In the analysis with increased fc, the 
compressive damage distribution is less severe (Figure 4.30c and Figure 4.30d), as expected. The 
capacity of the anchors is influenced by the masonry compressive strength since the crushing in 






(a) (c) (d) 
Figure 4.29 Strains distribution at final stage for the 0.5 × Q,^$% analysis: (a) Tensile -lateral view; 
(b) Tensile - top view; (c) Compressive -lateral view; (d) Compressive - top view.  























(a) (c) (d) 
Figure 4.30 Strains distribution at final stage for the 2.0 × Q,^$% analysis: (a) Tensile -lateral view; 
(b) Tensile - top view; (c) Compressive -lateral view; (d) Compressive - top view. 
Compressive Fracture Energy  
The influence of the masonry compressive facture energy in the response of the system was 
evaluated by varying to the double (5.56 N/mm) and half (1.39 N/mm) the initial value 
(2.78 N/mm). Again, the masonry compressive behaviour by varying this parameter is depict in 
Figure 4.31 for a better insight of the constitutive laws applied to the model. The maximum 
compressive strength remains unchanged for all the analysis. 
 
Figure 4.31 Stress-strain compressive behaviour varying the compressive fracture energy. 
The analysis applying the constitutive laws defined above, resulted in the response curves 
exhibited in Figure 4.32. The results prove that this parameter does not influence much the initial 
behaviour of the system, while some differences in the post-peak behaviour for larger 
displacements can be found. The main differences are related to the deformation of the system. 
For the same post-peak load, the anchoring system presents displacements increasing with the 
compressive fracture energy, i.e. the response becomes more ductile, as expected. The damage 
pattern resultant from these analyses is presented in Annex B since no significant differences were 
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found in comparison with the reference model. The masonry cone failure mode is recurrent with 
the clear development of cracks forming the cone shape.  
 
Figure 4.32 Force-displacement curves for the parametric analysis of the masonry compressive 
fracture energy. 
Tensile Strength  
Parametric analyses varying the tensile strength from 0.05 MPa (0.5×ft,ref) to 0.20 MPa (2.0×ft,ref), 
instead of the value of 0.10 MPa, imply the alteration of the tensile behaviour of masonry. 
Increasing and decreasing the tensile strength, while the fracture energy remains unchanged, the 
tensile linear and nonlinear behaviour suffers a significant change, as illustrated by Figure 4.33. 
 
Figure 4.33 Stress-strain tensile behaviour varying the tensile strength. 
The nonlinear analyses capacity curves varying the tensile strength are presented in Figure 4.34. 
With respect to the analysis that adopts a reduction on the tensile strength, the non-linear 
behaviour is activated for a lower value of force when compared to the reference model, even 
though it continues to increase up to 80 kN. The fact that the corresponding fracture energy 
remains unchanged should be highlighted and can justify the high force capacity increase 
originated by the reduction of the tensile strength.  
By increasing the tensile strength, the peak force also reaches a higher value when compared to 
the corresponding one from the reference model. However, in what concerns the post-peak 
behaviour, the improvement is not so noteworthy. Indeed, the response of the 2.0ft,ref model 
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exhibits a more fragile behaviour since this model considers a tensile strength increase while 
keeping the fracture energy value unchanged.  
 
Figure 4.34 Force-displacement curves for the parametric analysis of the masonry tensile strength. 
The distribution of tensile strains of both decreasing (Figure 4.35) and increasing (Figure 4.36) 
of the tensile strength show the masonry cone development through the wall. It can be verified 
that the masonry cone shape follows different patterns in the analyses. Comparing the two cone 
shapes, the masonry cone in the 2.0 ft,ref analysis presents a  more close configuration with more 




Figure 4.35 Maximum principal strains at final stage for the 0.5 × f,^$%	analysis: (a) Lateral view; 
(b) Top view. 





















Figure 4.36 Maximum principal strains at final stage for the 2.0 × f,^$%	analysis: (a) Lateral view; 
(b) Top view. 
Tensile Fracture Energy 
The nonlinear analyses varying only the tensile fracture energy from 0.015 N/mm (0.5×Gt,ref) to 
0.06 N/mm (2.0×Gt,ref), represented by the tensile behaviour described by Figure 4.37, are 
presented in this section. 
The tensile fracture energy sensitivity analysis confirmed the influence of this parameter on the 
peak load and the significant alteration on the post-peak behaviour of the structure (Figure 4.38). 
When increasing and decreasing the tensile fracture energy by 50%, while keeping the tensile 
strength constant, the peak strength is directly affected. Modifying the tensile behaviour by 
decreasing the fracture energy implies a limitation to the capacity of some elements, which, in 
consequence, can compromise the capacity of the entire system. The fact that the maximum force 
value increases after the first peak for the 0.5Gt, ref analysis is a consequence of stress redistribution 
in the elements where the tensile strength was reached throughout adjacent elements, which 
affects the capacity of the system. The damage distribution indicates a pattern very similar to the 
reference model, showing the masonry cone development as well (see Annex B).  
 
Figure 4.37 Stress-strain tensile behaviour varying the tensile fracture energy. 




















 Figure 4.38 Force-displacement curves for the parametric analysis of the masonry tensile fracture 
energy. 
4.4.2. Pre-compression Level 
The pre-compression level that the masonry wall is subjected to was decreased to half (100 kPa) 
and increased two times (400 kPa) with respect to the reference value (200 MPa). The results are 
depicted in Figure 4.39 in terms of global force-displacement curves. The pre-compression level 
has a significant influence on the maximum force that the anchoring system can carry. By 
decreasing the compressive stress on the wall, the peak force suffers a reduction of 14%. 
Likewise, the increasing of the level of pre-compression on the wall causes a 22% increase in the 
ultimate capacity of the structure. In both cases, the post-peak configuration is not very much 
affected. The analysis of the damage patterns shows that the failure mode is kept unchanged (see 
Annex B). 
 
Figure 4.39 Force-displacement curves for the parametric study of the pre-compression level. 
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4.4.1. Geometric Parameters  
Supplementary studies were also carried out in order to evaluate the influence of some of the 
geometric parameters on the behaviour of the anchoring system, as follows: steel bar diameter 
and respective borehole, wall width and embedment depth, and the spacing between anchors. 
Anchor Dimension 
The steel bar diameter and corresponding borehole were studied in order to evaluate how the anchor 
dimensions can affect the behaviour of the system. A new numerical model was created by 
modifying the anchor dimensions, the initial 16 mm bar diameter was replaced for a 32 mm diameter 
and the corresponding borehole of 75 mm, instead of the initial 50 mm (as represented in Figure 
4.40). The parametric study showed that an increase of 100% in the anchor diameter (increase of 
167% in perimeter) did not provide a significant increase in the ultimate capacity (around 11% 
regarding the reference model) (Figure 4.41). The post-peak behaviour does not present many 
changes when compared to the reference model response. The damage distribution is also very 
similar to the one found for the reference model, again with the masonry cone formation being 
conditioning (see Annex B).  As the dominant failure mode is the masonry cone breakout, the 
anchoring capacity is not enhanced in a significant way by increasing the anchoring system.  
 
Figure 4.40 Modification of the anchoring system dimension. 
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Embedment Depth  
According to several authors, the embedment depth of the anchor is a factor with great influence 
on the behaviour of the anchoring system. For this reason, this aspect was studied by changing 
the wall thickness from 400 to 600 mm and the embedment depth from 350 mm to 550 mm. In 
order to accomplish the new geometric features, the numerical model was updated as represented 
by Figure 4.42. 
 
Figure 4.42 Modification of the wall thickness and anchor embedment depth. 
The analysis results were compared to the reference model in Figure 4.44, where the differences 
on the behaviour of the models are apparent. The new model reaches a maximum force of 140 kN 
opposing to the 70 kN achieved by the reference model. Notwithstanding, the post-peak behaviour 
of the new model experiments a sharper decrease when compared to the reference model, which 
shows to be more ductile.  
Figure 4.44 illustrates the maximum principal strains in the new model at failure, which can also 
be seen as an image of the tensile damage. This damage pattern presents significant differences 
regarding the one from the reference model, see Figure 4.22. The formation of the shear cone on 
the masonry is not activated for the whole anchor system extension as in the reference model. 
Instead, sliding along the external interface is perceptible until a certain position followed by the 
masonry cone development (visible in Figure 4.44b). 
 











 dwall = 60 cm














Figure 4.44 Maximum principal strains at final stage for the embedment depth parametric analysis: 
(a) Lateral view; (b) Top view. 
Anchors Spacing  
A study to evaluate the influence of the anchors spacing was also conducted. This parametric 
study aims at evaluating in which manner the distance between anchors can influence, not only 
the ultimate capacity of the system, but also the associated failure mode (interaction between the 
cone formation of each anchor). A numerical model in which the distance between anchors was 
increased to 420 mm, i.e. a 50% increase of the initial distance, was constructed (see Figure 4.45). 
By comparing the results of this model with the reference ones, an increase in the ultimate 
capacity can be confirmed, around 13%, see Figure 4.46. The nonlinear behaviour shown by this 
parametric analysis is very similar to the reference model response.  
 
Figure 4.45  Modification of the spacing between anchors. 
280 420 mmmm




Figure 4.46 Parametrical study of the anchors spacing: (a) Modifications on the model settings; (b) 
Force-displacement curve. 
The principal strains were also analysed as an indicator of damage in order to compare the cone 
formation evolution of this analysis with the reference results (Figure 4.44). The damage pattern 
presents a different configuration between the two anchors where the cone formation is more visible. 
This analysis proved that the tensile capacity of a single anchor is affected by the overlapping of the 
adjacent anchors. This means that increasing the spacing between anchors, up to an optimized 





Figure 4.47  Maximum principal strains at final stage for the anchor spacing parametric analysis: (a) 
Lateral view; (b) Top view. 
4.4.2. Conclusions  
The knowledge regarding the load-carrying capacity of anchors in masonry is limited. As such, 
in order to avoid a physical, comprehensive and time-demanding experimental testing to evaluate 
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the influence of some parameters, a numerical study is carried out instead. The confidence in the 
results relies on the validation of the numerical model against experimental results.  
The assessment of the influence of the mechanical properties of masonry on the behaviour of the 
anchors in the masonry walls showed that the compressive and tensile strengths are parameters 
with significant impact on the response of the system.  
The parametric studies on wall conditions showed that the anchor embedment depth is the 
parameter that mostly influences the structural behaviour of the system, increasing significantly 
the ultimate capacity. Nevertheless, the pre-compression level of the wall, the anchor diameter 
and the spacing between anchors also influence the behaviour of the structural system, although 
in a moderate manner. The same failure mode was recurrent in all the analyses, although some 
differences in the damage pattern were verified in some cases.  
4.5. ANALYTICAL EVALUATION  
The assessment of the anchoring system capacity by means of complex numerical methods was 
relevant for a better understanding of the structural behaviour of the system. However, for design 
purposes, the use of simplified models is required. As mentioned before, despite the fact that 
injected anchors have been used for many years to strengthen masonry buildings, no generally 
methodology exists for the design of such anchoring systems.  
During the last few decades several analytical models have been proposed to describe the 
behaviour of anchors in tension (Wenzel and Maus 1992; Gigla and Wenzel 2000; Arifpovic and 
Nielsen 2004; Gigla 2004; Meyer and Eligehausen 2004; ACI 318 2011; fib Bulletin No. 58 2011; 
Hilti 2011; MSJC 2013). In general the ultimate tensile load capacity is based on the simplified 
assumption of separated failure modes (Bajer and Barnat 2012). Moreover, some of the simplified 
analytical formulations presented in literature are adjusted to achieve a good fit with available test 
data. 
This section reviews the most used analytical methods, associated to distinct failure mechanisms 
occurring in injected anchors under tensile loading, and applies them to the example under study. 
Due to the few existing analytical formulations regarding anchors in masonry, formulations 
regarding anchors in concrete have also been employed. Most of these approaches are similar and 
the same parameters are recurrently used, such as: the embedment depth	(#$%), steel bar 
diameter	(`) and area (`), borehole diameter	(), masonry compressive strength	(fQ), anchor 
yield strength ()	and bond strength	(q). The symbol  will be used for the anchor capacity 
loaded in tension.  
4.5.1. MSJC Formulation 
The analytical expressions provided by the Masonry Standards Joint Committee (MSJC 2013)  to 
predict the anchor behaviour consider two failure mechanisms namely steel yielding and tensile 
breakout of masonry. This formulation is addressed and discussed by Weigel and Lyvers (2004) 
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and McGinley (2006). Equation (4.1) is used to define the anchor capacity based on the steel 
yielding	: 
 = ` × 		 (4.1) 
The tensile breakout of masonry is computed using equations (4.2) and (4.3): 
 = 0.332 × f × e (4.2) 
f =  × #$% − ,2  (4.3) 
where f represents the projected area on the masonry surface of a right circular cone and , is 
the overlapping area of the anchors. In the experimental tests under consideration 	is equal to 
640 MPa. 
4.5.2. Gigla and Wenzel Formulation 
Based on the results of 500 pull-out tests performed in laboratory and in-situ, Gigla and Wenzel 
(2000) proposed simplified expressions for ultimate capacity of anchoring systems. The bond 
strength between the grout and the surrounding masonry was also evaluated and equation (4.4) 
was proposed: 
q = ∅ × ,Q500 + , (4.4) 
where ∅ is the reduction factor for bed or head joints (assumed equal to 0.6), ,Q is the 
compressive strength of grout and , is the term to describe the increase of bond strength inside 
water absorptive stone material (the recommended value is zero if the value is unknown). The 
bond strength between grout and surrounding masonry is dependent not only on the mechanical 
properties on the injected grout, but also on the ratio of head and bed joints of masonry, since the 
support material conditions strongly influence the adherence between materials. 
As ,Q is equal to 51.5 MPa, the application of equation  (4.4) gives a value for the bond strength 
around 3 MPa, which seems to be a reasonable value when compared with experimental studies 
(Gigla 2004; Algeri et al. 2010). This value was also used in the formulations next, since no 
experimental values are available. The capacity of an injected anchor should be calculated using 
equation (4.5): 
 = q × , × , (4.5) 
where q is the bond strength	,	, represents the surface of injected grout surrounding the steel 
bar, , is the surface of injected grout and  is the contact area between grout and units (see 
Figure 4.48). After the experimental tests carried out on the University of Minho, the walls were 
carefully demolished in order to assess the distribution of mortar and stone surrounding the grout 
surface. Considering the three experimental tests, an average value of 37% was found for the area 
of stone in contact with the grout surface, and a value of 63% for mortar (head and bed joints). 
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With this information, a more realistic value for the contact area of grout and stone () was 
defined.  
 
Figure 4.48 Geometrical parameters for equation (4.5)  (Gigla 2004). 
4.5.3. ACI 318 Formulation 
The methodology proposed by ACI 318 Appendix D (ACI 318 2011) for the prediction of the 
anchor strength in concrete defines three failure modes: steel tensile failure, substrate tensile 
breakout and bond failure. The design method proposed in Hilti (2011) is based on this code. 
Weigel and Lyvers (2004) also used these provisions to compared test data of single bolts in 
masonry.  
The strength of an anchor in tension governed by the steel shall be evaluated by calculations based 
on the properties of the anchor material and the physical dimensions of the anchor, as given by 
equation (4.6): 
 =  × ` × qfx	 (4.6) 
where 	is the number of anchors in the group, and qfx	is the specified tensile strength of the 
anchor steel (equal to 800 MPa for the anchor under study). ACI 318 considers that the tensile 
strength of anchors is best represented by qfx	rather than 	because the large majority of anchor 
materials do not exhibit a well-defined yield point (ACI 318 2011).  
The base material breakout strength of anchors loaded in tension is defined as follows: 
 = uQuQ ×$Q, ×$, ×Q, × Q, ×	 ∙  (4.7) 
uQ = 9 × #$% (4.8) 
 = 4.10 × e × #$%.  [adapted for use in masonry (Weigel and Lyvers 2004)] (4.9) 
$, = 0.7 + 0.3 × x1.5	#$% 				x < 1.5	#$%  
 
(4.10) 
where uQ	is the projected failure area of a single anchor or group of anchors limited by the edge 
distance or spacing, as represented in Figure 4.49, $Q, is the modification factor for anchor 
groups loaded eccentrically, which is not the case under study ($Q, = 1);  $,u is the modification 
factor for edge distances less than 1.5	#$%, see equation (4.10), Q, is equal to 1.0 when the base 
material indicates cracking at service loads, which is considered to be case for masonry, and Q, 








Figure 4.49 Calculation of uQ and ux	(ACI 318 2011). 
According with the same methodology, the bond strength of adhesive anchor in tension is 
evaluated as follows: 
x = uxux ×$Q, ×$, ×Q, ×	 ∙ x (4.11) 
ux = (2ux) (4.12) 
ux = 10 ∙ r q7.58 (4.13) 
x = q ×  ×  × #$% (4.14) 
where ux	is the projected influence area of a single adhesive anchor or group, represented in 
Figure 4.49, and ux is the projected influence area of a single anchor with an edge distance 
equal to ux (obtained by the application of equation (4.13) with the constant 7.58 in N/mm2), 
described by equation (4.12) . In this case the parameter $Q, is equal to 1 since the anchor 
group is not eccentrically loaded. The modification factor for edge effects, $, , is equal to 1 
when x > ux , which is the case, and Q,the modification factor for splitting is also equal to 
1.  
The analytical formulations recommended by ACI 318 for the substrate tensile failure and bond 
failure include the interaction between anchor groups. Although the number of anchors  has been 
considered equal to 1 (in order to easily compare with the other predictions), the strength value 
obtained by the application of this formulation already takes into account the interaction between 
anchors.   
4.5.4. CEB Formulation 
CEB (1994) proposes an approach to the design of anchors in concrete and masonry, where three 
failure modes are defined. For the definition of the capacity based on the steel failure equation 
(4.1) is used. As for the assessment capacity based on the base material cone failure the equation 
(4.15) is proposed by  Eligehausen et al. (Eligehausen et al. 1984). Doerr and Klingner (Doerr 
and Klingner 1989) present the equation (4.16) which attempts to incorporate the combined action 
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where ´ is a parameter that depends on the grout properties (see (Doerr and Klingner 1989)), 
which equals 0.3   ¡/ here. In the case of failure at the grout-masonry interface, the bond 
strength is smaller than the masonry strength. To take this failure mode into account, CEB 
proposes the following equation, also reported in D’Ayala (2011) and Meyer and Eligehausen 
(2004): 
 = q × #$% ×  × 	 (4.17) 
4.5.5. Fib Formulation 
The design guide for anchors in concrete available in fib Bulletin No. 58 (2011) recommends the 
prediction of the anchor strength based on three failure modes. In addition, the strength of an 
anchor is evaluated by taking into consideration the interaction between anchors in a group.  
The anchor strength considering the steel failure is given by equation (4.6), as proposed by ACI 
318. The combined pullout and substrate cone failure may be obtained as follows:  
 = , × , × £,¤ × ¥,¤ × ,¤ × ,¤ (4.18) 
, = z£,u¦{ (4.19) 
£Q^,¦ = 20`rq7.5 (4.20) 
Q^,¦ = 0.5	£Q^,¦ (4.21) 
where , is computed using the equation (4.14) from ACI; ,, the bond reference area, and , actual bond influence area limited by overlapping areas of adjacent anchors, is calculated 
similarly to the method used in ACI 318 (see Figure 4.49). `,¦ is a factor that takes into account 
the distribution of stresses due to the edges of the substrate member, equal to 1 in this case because  > Q^,¦ ( = 380	  ). The factor ,¦, which takes into consideration the effect of the failure 
surface of anchor groups, and the factor $Q,¦ , which refers to non uniform tensile loads, are both 
equal to 1 in this study (see fib Bulletin No. 58 (2011)). The parameter that reduces the strength 
of anchors with embedment depth #$% < 100	   (^$,¦) also takes the value of 1. The strength 
capacity in the case of the substrate cone failure is obtained from the following procedure: 
Q = ,Q × Q,Q ×`,w ×$Q,w ×^$,w (4.22) 
,Q = §£Q^,w¨ (4.23) 
 = 0.85 × #$% × e (4.15) 
 = 34.7 × q × `.		´ × ℎ ©
´ × §#$% − 50¨34.76 × `,. ª (4.16) 
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£Q^,w = 3#$% (4.24) 
where ,Q is given by equation (4.9), the geometric factor ww is equal to the one used in ACI 318 
for the same failure mode, see equation (4.7), as well as the `,w factor given by equation (4.10). $Q,w and ^$,w  (already defined) are equal to 1.    
4.5.6. Arifpovic and Nielsen Formulation 
Pull-out tests of single anchors in brick masonry were carried out by Arifpovic and Nielsen (2004) 
with the purpose of observing the failure modes that govern the behaviour of the system in 
different conditions. Simplified analytical expressions based on the theory of plasticity were 
developed from the experimental results in order to predict the load carrying capacity of the 
anchors. Three failure modes were presented by the authors. The strength capacity of the anchor 
due to masonry cone failure can be obtained by equation (4.25): 
 = 0.96(` + #$%) × #$%r«e (4.25) 
For the case of bond failure, Arifpovic and Nielsen defined two expressions for the cases in which 
the anchor is installed in a mortar joint, equation (4.26), or in a unit, equation (4.27):  
 = 22.38rQp × #$% × `y (4.26) 
 = 3.79` × #$%Q (4.27) 
where Qp is the compressive strength of the mortar and Q represents the compressive strength of 
the unit. The compressive strength of the mortar and limestone units were experimentally 
evaluated for the present study and a mean value of 1.3 MPa and 107 MPa, respectively, were 
obtained. The combined brick-cone failure, which consists in the combination of the masonry 
cone formation and sliding along both the internal and external interface, can be obtained through 
equation (4.28):  
 = [3.93Q × §#$% − 5.76 × `¨ × ` + 37.44Q­ × (#q + `) × `]h`#$% (4.28) 
where Q­ is the compressive strength of the interface between mortar and joints and #q is the unit 
length. Here, a value around 0.3 MPa was adopted following the recommendations reported in 
the same report (Arifpovic and Nielsen 2004). An average length (#¯) of 200 mm was considered 
taking into consideration the stone blocks used.  
4.5.7. Results and Discussion 
The prediction of the anchor capacity according to the simplified formulations described 
throughout this section is summarized in Table 4.5. The strength capacity was calculated only for 
one anchor, although the interaction between anchors, provided by some formulations, was 
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considered whenever possible. The shaded cells in Table 4.5 are associated with the lower value 
obtained in each formulation. 





Steel Failure (4.1) 129 
Cone Failure (4.2) 126 
Gigla and Wenzel (2000) General (no failure mode defined) (4.5) 26 
ACI 318 (2005) 
Steel Failure (4.6) 161 
Cone Failure (4.7) 36 
Bond Failure (4.11) 238 
CEB 
Steel Failure (4.1) 129 
Cone Failure (4.15) 137 
Combined bond-cone Failure (4.16) 40 
Bond Failure (4.17) 165 
Fib (2011) 
Steel Failure (4.6) 161 
Combined bond-cone Failure (4.18) 199 
Cone Failure (4.22) 37 
Arifpovic and Nielsen (2004) 




Combined bond-cone Failure (4.28) 51 
The prediction of the failure mode through simplified analytical methods appears to agree 
reasonably well with both the experimental results and numerical analysis. Either the base 
material cone formation with masonry breakout or the combined bond-cone failure are the 
recurrent failure modes, achieved in almost all the approaches. MSJC (2013), ACI 318 (2011), 
CEB (1994) and fib Bulletin No. 58 (2011) predict that the anchor strength is limited by one of 
these failure modes. Arifpovic and Nielsen (2004) predict the sliding of the anchor installed in a 
mortar joint as the failure mode limiting the anchor capacity (see Table 4.5). However, the 
assumptions made in this study for this expression are not valid since the anchor is not completely 
installed in a mortar joint, therefore the corresponding value found for this failure more is not 
realistic. Disregarding this value, the failure mode obtained by this formulation is the combined 
masonry cone formation with sliding along the interface, which is in accordance with 
experiments. Gigla and Wenzel (2000) do not define a specific failure mode. 
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In order to provide a better perception on the relation between the experimental and predicted 
value, Figure 4.50 summarizes the results from the different approaches, considered to predict the 
anchor capacity, comparing these results to the mean experimental value. In this diagram, a 
relation near to 1 means that the predicted values are very close to the experimental capacity. 
According to the experimental results, a mean force of 76.8 kN was reached for the two anchors 
composing the anchoring solution adopted. As the formulations were used to predict the capacity 
of one anchor (including the interaction among groups when applicable), the obtained value 
should be multiplied by two. 
 
Figure 4.50 Comparison between the experimental mean value and analytical predictions of the 
anchoring system capacity. 
The relations presented in Figure 4.50 show that the predicted strength values by ACI 318 and fib 
bulletin 58 for the masonry cone failure, and by Doerr and Klingner (1989) in CEB for the 
combined bond-cone failure, are in very good agreement with the experiments. The good 
predictions of these two formulations, regarding both the failure mode and the strength value, can 
be explained by some considerations included in the expressions that are important in the 
anchoring system under study. Besides MSJC provisions, ACI 318 code and fib are the only that 
consider the influence of the anchors spacing and possible interaction among them. 
The  ACI 318 recommendations for concrete, adapted for use in masonry by Weigel and Lyvers 
(2004), predicted very well the tensile strength of the anchors in masonry. ACI 318 code and fib 
recommendations consider, beyond the masonry strength and embedment depth, other factors 
such as the influence of the anchors spacing, edge distance and possibility of splitting. As proved 
numerically, the anchors spacing influence significantly the cone formation in the masonry and 
consequently the strength capacity of a single anchor. Simplified analytical expressions that 
considers the interaction between anchors in a group seem to better describe the behaviour of this 
anchoring system, as expected.  
The formulation provided by Doerr and Klingner (1989) in CEB includes the prediction of a 
combined failure mode (masonry cone with sliding along the interface), which is the failure mode 
verified experimentally. This analytical expression provided a very close prediction on the 
anchoring system strength capacity since it included the contribution of the grout/masonry bond 
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The expression provided by Gigla and Wenzel (2000) predicted very conservative relations that  
can possibly be explained by conservative assumptions regarding both the reduction factor 
referent to the contact to mortar joints and the term to describe the increase of the bond strength 
inside water absorptive stone material, which was considered equal to zero as no information is 
available.  
As previously stated, the provisions recommended by Arifpovic and Nielsen (2004) for the bond 
failure when the anchor is installed in a mortar, are not applicable to the case under study. The 
strength capacity for combined bond-cone failure is slightly overestimated but with good 
approximation to the experimental value. This formulation does not considers the influence of an 
adjacent anchor.  
As expected, the applied analytical formulations based on the steel failure and bond failure 
achieve considerably high load capacities. The analytical formulation defined by fib bulletin 58 
for the combined bond-cone failure also resulted in a high strength value. When compared with 
other formulations, this analytical expression seems to be more appropriate to define the bond 
failure. 
Finally, the simplified approach recommended by MSJC gives a very high value when compared 
to experiments and numerical analysis, and even with the other simplified expressions. Weigel 
and Lyvers (2004) have stated that these provisions may lead to less reliable results. Although the 
values provided by MSJC and CEB are similar, CEB includes an expression for the combined 
cone sliding failure, which is the one verified experimentally. 
The analytical expressions were also applied considering the walls from the parametric studies: 
higher anchor dimensions, greater embedment depth and larger spacing between anchors. Here, 
the analytical predictions are compared with the anchoring system capacity obtained from the 
numerical results. Figure 4.51 displays the relation between the analytical predictions and the 
numerical results for the anchors dimensions parametric analysis, Figure 4.52 for the embedment 
depth parametric analysis and Figure 4.53 for the anchor spacing. The application of the 
simplified expressions to different anchoring systems by varying some of the key parameters, aim 
to further discuss the ability of the analytical formulations to estimate the strength capacity of 
anchoring systems. 
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Figure 4.52 Comparison between the analytical expressions and the parametric analysis of the 
embedment depth. 
 
Figure 4.53 Comparison between the analytical expressions and the parametric analysis of the anchors 
spacing. 
The graphical distribution of the analytical and numerical relations of these analysis (see Figure 
4.51, Figure 4.52 and Figure 4.53), show similar results in terms of the formulations that can best 
describe the behaviour of the anchoring system. In what concerns the analytical relations found 
for the anchor diameter parametric analysis (Figure 4.51), ACI 318 and fib formulations estimated 
precisely the strength capacity verified numerically. Arifpovic and Nielsen (2004) and Doerr and 
Klingner (1989) in CEB formulations seem to slightly overestimate the strength capacity since 
the expressions provided by these formulations for the combined bond-cone failure are very 
sensitive to the anchor diameter.  
For the anchoring system with higher embedment depth (Figure 4.52), the analytical expressions 
in general tend to underestimate the strength capacity of the system, compared with the numerical 
results. Even though, ACI 318, CEB, fib and Arifpovic and Nielsen (2004) formulations give an 
approximate estimation of the strength capacity of the system.  
For the system with increased spacing between the anchors (Figure 4.53), the analytical 
expressions provided relations very similar to the ones obtained for the reference model with a 
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between anchors is accurately taking into account. Since Arifpovic and Nielsen (2004) 
formulation does not considers the interaction between anchors, the analytical prediction by 
increasing the spacing among the anchors is not affected.  
As verified in the analytical study for the reference model, MSJC gives very high strength values 
and Gigla and Wenzel (2000) provide rather conservative predictions in all the cases.  
The application of the formulations considering anchoring systems with distinct characteristics, 
allowed to verify the formulations that best describe the strength capacity of anchoring systems 
in different conditions and to assess the sensitivity of the expressions to certain parameters.  
4.6. FINAL CONSIDERATIONS 
The structural seismic behaviour of masonry buildings depend in the efficiency of its connections. 
A possible strengthening solution to improve the seismic response of masonry-to-timber 
connections in masonry buildings was numerically assessed. The present study has proven the 
potential of numerical analyses when used as a complementary tool to experimental campaigns, 
allowing for a deeper characterization of the behaviour and for parametric analysis. 
The numerical model, prepared in accordance with the experimental setup, was calibrated and 
validated against the available experimental results. Both the fixed and rotating crack 
formulations were applied and evaluated by comparing the numerical results with experiments. 
The rotating crack model (RCM) showed a better agreement regarding the post-peak behaviour, 
since the shear strength is updated after cracking along the complete analysis. Also the RCM 
damage pattern observed during the analysis was more compatible with the failure mode observed 
experimentally. RCM seems to be more suitable to simulate the post-peak response of numerical 
models when the behaviour is governed by shear. Furthermore, the numerical model described 
very precisely the force-displacement behaviour found in the experimental tests and also the 
failure mechanism behaviour.  
The parametric analysis carried out on the calibrated model considered mechanical parameters of 
masonry, wall pre-compression level and geometrical conditions in the anchoring system. In what 
concerns the masonry mechanical parameters, the analysis showed that the compressive strength 
and tensile parameters influence the capacity and the non-linear behaviour of the system in a 
moderate way. The pre-compression level proved to be a parameter that influences the behaviour 
of the system, as expected. Considering the geometric parameters under study, the behaviour of 
the anchoring system was greatly influenced by the anchor embedment depth, increasing the 
capacity to the double although a less ductile behaviour was observed. The study of the influence 
of the anchor dimensions in the response of the system proved that an increase in the steel 
diameter (from 16mm to 32mm) did not provide significant enhancement in the system capacity. 
By increasing the spacing between anchors, to 1.5 times the initial value, a slight increase in the 
ultimate capacity was verified and the damage distribution showed a more perceptible cone 
formation between anchors, proving that the tensile capacity of an anchor is affected by the 
overlapping of adjacent anchors. Parametric analyses revealed the potential of the proposed 
model, assessing and describing the behaviour of the anchoring system in distinct conditions, 
giving a valuable contribution in the understanding of injected anchors in masonry behaviour. 
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The prediction of the anchor capacity injected in masonry walls by means of complex numerical 
methods became essential for a comprehensive understanding of the system behaviour.  
Available analytical formulations for the evaluation of the anchor strength were discussed and 
applied. A brief review of these simplified expressions is provided in this Chapter and applied in 
the anchoring system under study. A good agreement between experiments and the failure mode 
predicted by all the models was attained. In terms of strength capacity, a very good agreement 
was obtained with the ACI 318 (2011), fib Bulletin No. 58 (2011) and CEB (1994) formulations. 
On the other hand, the method proposed by MSJC (2013) seems to greatly overestimate the values 
of the strength capacity. The analytical expressions provided by Arifpovic and Nielsen (2004) 
estimated with acceptable approximation the strength capacity of the anchors, implying a careful 
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In the previous Chapters the study of the behaviour of walls and connections in masonry 
constructions have proven the potential of numerical analyses when used as a complementary tool 
for experimental campaigns. The analyses allow deeper characterization of the behaviour and 
parametrical analysis. The knowledge obtained from these research works are now the basis for 
the study of a typical masonry building, considering the in-plane behaviour of walls and the effect 
of the connections. 
In this chapter the focus is on the influence of the connections in the global response of the 
structure. Initially, the description of the building selected for the study is provided. This is a three 
storey building located in Lisbon, Portugal, constituted by masonry walls and timber floors. 
Typical masonry constructions generally present poor connections between walls and floors, 
usually consisting of timber joists supported in the masonry wall. For this reason, the building 
was studied considering three different structural conditions:  
 Assuming that the connections between structural elements are insufficient, the structural 
response was evaluated by considering only the exterior walls behaviour; 
 By strengthening the wall-to-wall connections, making it effective, the building response 
was studied considering the external and interior walls behaviour; 
 By both strengthening wall-to-wall and wall-to-floor connections, the global response of 
the building is studied.  
The design of strengthening solutions for wall-to-wall and wall-to-floor connections is conducted 
with a simple design tool based on the simplified kinematic approach. The safety verification of 
the out-of-plane collapse of the façade wall in the case of inefficient connections between 
elements is also addressed. 
The influence of the connections between walls and floors and also the external and interior walls 
in the global behaviour of the structure is assessed numerically. Finite element models considering 
the conditions exposed above were constructed. Pushover analysis proportional to the mass were 
used to assess the seismic response of the building. The usage of numerical simulations to evaluate 
the behaviour of masonry buildings and assess the efficiency of strengthening solutions is a 
common procedure. An example is the work described in Cardoso et al. (2005) and Bento et al. 
(2005) for the study of a Portuguese typical masonry building, evaluating the influence of the 
connections in the global behaviour and assessing numerically three different strengthening 
solutions. 
The implementation of a simplified procedure to evaluate the building strength in a given 
direction, based on the individual response of structural components, is also addressed. In this 
section the analytical expressions discussed in Chapter 3, section 3.7 were the basis to compute 
the in-plane strength of the walls.  
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5.2. DESCRIPTION OF THE CASE OF STUDY 
Aiming at studying a typical masonry construction, a case study presented by Lamego (2014) of 
a characteristic building of Lisbon was handpicked. This selection was premised on not only the 
study of a representative masonry building, but also the possibility of comparing the results from 
this study with the results provided by simplified approaches carried by Lamego (2014). 
The building is located in the Fernando Caldeira Street, Alvalade neighbourhood in Lisbon and 
is inserted in a set of 302 buildings called as “economical houses”. Almost all of these buildings 
present similar characteristics, all yellow or pink, with simple and functional architecture (see 
Figure 5.1). The construction of these buildings started in December of 1946 and ended in 
September of 1948. Alvalade quarter was planned 70 years ago, establishing harmony between 
housing and functional facilities.  
 
(a) (b) 
Figure 5.1  Typical masonry buildings in Alvalade neighbourhood, Lisbon.  
The buildings have three floors and two apartments per floor with a total area per floor of 145 m2. 
Figure 5.2 shows the main façades of the building with the presence of a few window openings, 
contrasting with the lateral façades that do not have any openings. Each apartment has an area of 
58.7 m2 distributed by one living room, three bedrooms, a bathroom and a kitchen (see Figure 5.3 
and Figure 5.4). The building is very regular with 19.2 m long, 8.2 m wide and 11.5 m of height 
to the top of the roof and is symmetric in one of the directions.  
This building was constructed following the typical organization of most Portuguese traditional 
buildings composed of load-bearing masonry walls arranged in orthogonal planes, with relatively 
flexible floor diaphragms. The exterior walls and the walls limiting the stairs in the central part 
of the building are made of limestone masonry. Solid brick masonry is used for the walls with 
division purposes in the interior of the building (identified in Figure 5.3 and Figure 5.4). Exterior 
walls have 0.50 m thick and the interior partition walls have thickness with 0.25 and 0.15 m. The 
floor diaphragms are flexible, composed by pine wooden joists, typically placed perpendicular to 
the façade walls and braced by smaller ones that prevent the transverse deformation of the main 
joists. The roofs are built with timber trusses clad with ceramic tiles type “Lusa”. The floor joists 
dimension and disposition is unknown, so pine wood joists of 0.18x0.08 m2 spaced 0.40 m were 
defined to compose the floor structure. The material properties of the building were defined by 
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Lamego (2014) according to Table 5.1, where E is the elastic modulus, γ is the density and fc is 





Figure 5.2  Elevation of the building: (a) Front elevation; (b) Rear elevation  (Lamego 2014).  
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Figure 5.4  Plan of the first and second floors  (Lamego 2014). 
Table 5.1  Material properties  (Lamego 2014).  
 E [MPa] γ [kN/m3] fc [MPa] 
Limestone Masonry 1035 19 0.9 
Solid brick Masonry 2400 18 2.8 
Pine Wood 11500 6 - 
5.3. STRENGTHENING SOLUTION/INTERVENTION  
As previously addressed, the seismic performance of a typical masonry building is highly 
dependent on its capability to redistribute the horizontal loads through all the structural elements. 
Given this, the efficiency of the connections becomes essential to ensure the proper load 
transmission between elements. Typical masonry buildings are commonly characterized by the 
lack of effective connections between structural elements.  
Wall-to-wall and wall-to-floor connections play a major role in the seismic behaviour of the 
global structure. For this reason, in this section, assuming that the connections between walls are 
no longer effective, strengthening solutions to improve the connections above mentioned are 
presented and designed for the building under study. The selected solutions to strengthen both 
wall-to-wall and wall-to-floor connections include the introduction of injected anchors in 
masonry walls and were designed according to the study addressed in Chapter 4.  
The design procedure performed is based on the limit equilibrium analysis following the principle 
of the virtual work. This procedure, with reference to local mechanisms, is developed through the 
selection of the collapse mechanism and the evaluation of the horizontal forces that activate this 
kinematic mechanism (OPCM 3431 2005). The safety verification is performed according to 
OPCM 3431 (2005). 
In the absence of effective connections to interior walls and floors, the out-of-plane overturn of 
the façade walls is the most likely collapse mode. The definition of the kinematic mechanism of 
the façade wall is represented in Figure 5.5. The wall is supposed infinitely rigid, therefore the 
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horizontal forces are proportional to the masses (inertial forces). The loads considered acting on 
the rigid bodies composing the kinematic mechanism were the self-weight (Wi), the vertical loads 
acting at the floor levels (Pi), a system of horizontal loads proportional to the masses (αPi and 
αWi) and distributed horizontal forces which represent the forces to be carried by the 
strengthening wall-to-wall anchoring system (Ti), not shown in the figure. The horizontal 
coefficient (α) is the seismic mass multiplier that triggers the mechanism.  
 
Figure 5.5  Kinematic mechanism concerning the out-of-plane overturn of the façade wall. 
With respect to the kinematic mechanism, Table 5.2 displays the loads acting in the rigid bodies. 
A wall strip 1 m wide is considered. The self-weight of the stone masonry walls is computed for 
the three floor levels considering the respective openings (W1, W2 and W3). The loads at the floor 
levels (P1 and P2) include the floor structure weight plus the overload according to the seismic 
combination. The load at the roof level (P3) comprises the roof weight, timber trusses, ceramic 
tiles and other coatings (typical values were taken from Brazão Farinha and Correia do Reis 
(1993) recommendations).  
Table 5.2  Loads of the kinematic mechanism in [KN/per 1 meter wall].  
W1 W2 W3 P1 P2 P3 
28.7 23.4 23.4 3.5 3.5 3.9 
5.3.1. Safety Requirements 
According to OPCM 3431 (2005) the safety of each mechanism is verified in the linear simplified 
kinematic approach for ultimate limit state, if the spectral acceleration that activates the failure 
mechanism (∗,) is greater than the acceleration of the elastic spectrum, adequately amplified to 
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∗, ≥ 	±² Y1 + 1.5 ³´Z (5.1) 
where, q is the structure factor assumed equivalent to 2,  is the ground acceleration, S is the 
soil factor, Z is the height of the centre of the masses that generate horizontal forces on the 
elements of the kinematic mechanism and which are not efficiently transmitted to the other parts 
of the building and H is the height of the whole structure.  
According to the National Annex of EC8 (2003), the ground acceleration for Lisbon is equal to 
0.17 g for near-field earthquake (type 1), which is the most demanding. The soil factor (S) for this 
building was considered type B, in agreement with the geological map of Lisbon, as referred in 
Lamego (2014). The corrections to this factor proposed by the national annex (EC8-1 2010) were 
also considered according to equation (5.2), resulting in a value of S equal to 1.27, considering ±eá¶ =1.35.  
± = ±eá¶ − ±eá¶ − 13 ( − 1) if        1	 /£ <  < 4	 /£                (5.2) 
The height of the centre of the masses (Z) was computed resulting in a height of 4.93 meters, 
being the total height of the structure (H) 11.5 meters. The spectral acceleration (∗,) for the 
activation of the mechanism is computed by the equation (5.3), where ·­ is the generic weight 
force, M* is the participant mass (given by equation (5.4)), g is the gravitational acceleration and 
e* is the fraction of the mass participant in the kinematism (equation (5.5)).  
∗, = 	∑ ·­}­¹T∗ = 	¥∗  (5.3) 
T∗ = §∑ ·­	º¶,­}­¹ ¨¥∑ ·­	º¶,­}­¹  (5.4) 
∗ = ¥	T∗∑ ·­}­¹  (5.5) 
The participant mass is obtained through the application of equation (5.4), being	º¶,­ the virtual 
horizontal displacement in a control displacement point. Table 5.3 summarizes the calculation 
procedure for M*. The fraction of the mass participant (e*) in the mechanism is computed using 
equation (5.5), considering M*=6.82 as previously calculated, and a value of 0.78 was achieved.  
Table 5.3  Calculation of the participant mass M*. 





P1 3.5 0.37 1.3 0.47 
P2 3.5 0.68 2.4 1.62 
P3 3.9 1.00 3.9 3.87 
W1 28.7 0.18 5.3 0.97 
W2 23.4 0.53 12.3 6.47 
W3 23.4 0.84 19. 7 16.57 M* 
 
». 44.8 29.97 6.82 
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In this manner, the wall safety is verified if the relation given by equation (5.6) is satisfied, being 
α the horizontal coefficient that activates the mechanism. Computing this inequality, the load 
coefficient α that activates the mechanism has to be higher than 0.138 to meet the safety 
requirements (equation (5.7)). 
	0.78 ≥ 0.17 ∙ 1.272 1 + 1.54.9311.5 [¥] (5.6) 
 ≥ 0.138 g  (5.7) 
5.3.2. Evaluation of the Wall Safety  
In order to assess the need of the strengthening solution, the safety of the mechanism was 
evaluated. The load multiplier α was calculated through the principle of virtual work by the simple 
rotation equilibrium of the horizontal and vertical forces around to the hinge O (Figure 5.5).  The 
position of the hinge (distance t1) is given by limiting the maximum stress on the most compressed 
edge to 1 MPa, considering the limestone masonry compressive properties (calculated through 
equation (5.8)).  
PQ × 2 = ¼+¼+¼y+½+½+½y ⇔ 	 = 2(¼+¼+¼y+½+½+½y)PQ  (5.8) 
Thus, the rigid body stability is assured by the equilibrium of vertical and horizontal forces around 
O with a distance (t1) of 0.17 meters, as given by equation (5.9). A load coefficient (α) of 0.018 
was attained.  Thus, the inequality granted by equation (5.7), related to the safety requirements, 
is not verified for the wall without the strengthening system.  The capacity parameter is below the 
demand parameter: 0.018g ≤ 0.138g. This proves the need to design strengthening solutions to 
avoid the out-of-plane collapse of the wall.  
¼(0.25 − )+¼(0.25 − ) +¼y(0.25 − )+½(0.35 − )+½(0.35 − ) + ½y(0.35 − )− (¼ ∙ 1.75 +¼ ∙ 5 +¼y ∙ 8 + ½ ∙ 3.5 + ½ ∙ 6.5 + ½y ∙ 9.5) = 0 
(5.9) 
 
5.3.3. Wall-to-wall Connections 
A possible strengthening solution to improve the performance of wall-to-wall connections is 
presented in Chapter 2, section 2.4 (lustrated in Figure 2.13) and studied in Chapter 4. It consists 
on parallel anchors introduced in the bearing wall and connected to the perpendicular wall by 
means of steel plates. A scheme of the considered strengthening solution is provided in Figure 
5.6. As referred, the stone masonry bearing wall is 0.50 m thick and the anchor embedment depth 
was considered with 0.35 m. The anchors embedment depth was chosen according to the wall 
thickness and also taking into consideration the testing conditions studied in the previous Chapter.  
The perpendicular interior walls of the building, most of them made of brick masonry, present a 
thickness varying from 0.15 to 0.25 m. Since the spacing between anchors is dependent on the 
wall thickness (as clearly demonstrated in Figure 5.6), the design procedure will be carried out in 
function of the worst case scenario, associated with the smallest spacing between anchors 
(according to the parametric analysis performed in the previous Chapter). 




Figure 5.6  Wall-to-wall strengthening solution (plan view). 
To design the wall-to-wall strengthening solution, the simplified kinematic approach proposed by 
OPCM 3431 (2005) is followed. The hypothesized kinematic mechanism of the wall façade, 
including the forces to be carried by the strengthening solution, is represented in Figure 5.7. The 
forces acting in the wall were defined in Table 5.2. The distributed horizontal load at each floor 
level (T1, T2 and T3), with respect to the strengthening system to be designed, is calculated through 
the principle of the virtual work assuring the equilibrium of the wall.  
In order to meet the safety requirements, the load coefficient α that triggers the mechanism has to 
be greater than 0.138 (as defined in section 5.3.1). For this reason, this value is on the basis of the 
design of the anchoring system.  
 
Figure 5.7  Kinematic mechanism concerning the out-of-plane overturn of the façade wall with the 
consideration of the wall-to-wall strengthening system.   
The calculation of the tensile stresses to be carried by the strengthening system of the second floor 





























Modelling of the Seismic Performance of Connections and Walls in Ancient Masonry Buildings  
 
122 
5.8. The position of hinge A is determined, once again, by limiting the maximum stress at the 
compressive edge to 1 MPa, computed by equation (5.10) resulting in a distance of 0.054 m.   
 
Figure 5.8  Equilibrium of the upper part of the wall used for the calculation of T3. 
	y = 2(¼y+½y)PQ  (5.10) 
The equilibrium of the rigid body is given by equation (5.11): 
¼y(0.25 − y)+½y(0.35 − y)+y × 3 × 1.5 − (¼y × 1.5 + ½y × 3) = 0 (5.11) 
Considering α equal to 0.138 (in order to satisfy the safety requirements), the distributed force T3 
is determined through this equation, resulting in 0.16 kN/m for 1 meter wide. A wall band 6 meters 
wide is considered taking into account the worst case scenario of the interior walls distribution in 
the building, reaching a total of 3 kN for each wall-to-wall connection. 
The wall-to-wall strengthening solution includes the introduction of an anchoring system in the 
masonry wall. According to the parametrical analysis carried out on the previous Chapter and 
considering the stone masonry mechanical properties, the strength capacity of the anchoring 
system can be set in 65 kN (T). This capacity is reduced to around 22 kN, by the application of a 
safety factor of γ=3.0 (T / γ). Comparing the strength capacity of the anchoring system (22 kN) 
with the horizontal force required to fulfil the safety requirements (3 kN), it is obvious that one 
anchoring system in each wall-to-wall connection is enough to assure the safety of the building. 
The following calculations will be carried out according to the design of the strengthening 
solution at this level, this means with a force of 22kN in each wall-to wall connection (1.2 kN/m 
per 1 meter wide).  
The determination of T2 force is carried out following a similar procedure, considering the 
equilibrium of the rigid body presented in Figure 5.9. Firstly, the distance t2 is calculated by 
limiting the compressive stress (t2 = 0.11 m). Then, the principle of virtual works is used to 
determine the force T2. Since the parameter α is known (0.138) and the force T3 was already 
defined (0.95 kN/m per 1 meter wide), the equilibrium around the hinge B gives the force T2 
(equation (5.12)): 














Figure 5.9  Equilibrium of the upper part of the wall used for the calculation of T2. 
 
By computing the equilibrium equation (5.12), it was verified that the force T2 is not necessary to 
guarantee the stability of the system. This means that the anchoring system introduced in the 
upper wall-to-wall connections is sufficient to assure the safety verifications. Nonetheless, in 
order to guarantee that the seismic forces are transmitted through all the elements, the installation 
of an anchoring system for the wall-to-wall connections at this level (first floor) is also proposed. 
In the same manner, the equilibrium of the whole wall was assessed resorting to the kinematic 
mechanism presented in Figure 5.7. At ground level the wall safety is assured by the strength 
capacity of one anchoring system (22 kN), since the equilibrium of the three floor resulted in T1 
equal to 0.88 kN/m, around 16 kN for a wall band of 6 meters. 
Thus, the design of the strengthening solution for wall-to-wall connections through the kinematic 
approach proved that one anchoring system placed in each connection between perpendicular 
walls is enough to guarantee the safety verifications (as represented in Figure 5.10). The 
anchoring system is placed at half height of the wall. 
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5.3.4. Wall-to-floor Connections 
The wall-to-floor connections efficiency is assured by the strengthening solution presented in 
Figure 5.11, which includes the introduction of two parallel anchors in the masonry wall, as in 
the previous solution. The anchors inserted in the masonry wall are connected to the timber floor 
through steel angles. The numerical study performed in injected anchors in masonry (Chapter 4) 
is once again used as basis for the design of this strengthening solution. The adopted spacing 





Figure 5.11  Wall-to-floor strengthening solution: (a) Plan view; (b) Perspective.  
The procedure previously described for the design of the strengthening solution of wall-to-wall 
connections is followed here and for this reason a brief explanation is given. The kinematic 






Chapter 5 – Masonry Building: Case of Study 
 
125 
levels (Ti), is defined in Figure 5.12. A wall band 1 meter wide is considered. The safety of the 
wall is verified if the load coefficient α is higher than 0.138, as demonstrated in section 5.3.1. 
  
Figure 5.12 Kinematic mechanism concerning the out-of-plane overturn of the façade wall with the 
consideration of the wall-to-floor strengthening system.   
To estimate the force to be carried by the strengthening system (T1, T2 and T3), the equilibrium of 
the wall in the three levels is assured. Firstly, the tension in T3 is determined by the rotation 
equilibrium around the hinge A of the upper level of the wall (see Figure 5.13a). The hinge 
position is calculated by limiting the compressive stress, computed by equation (5.10), and the 
forces acting in the wall were already defined (see Table 5.2). Accordingly, the force T3 calculated 
for 1 meter of wall is 0.25 kN. Considering the total width of the wall, a force of around 5 kN, is 
required for the top wall equilibrium. The capacity of the anchoring system to be used in this 
building, already reduced by the safety factor (γ=3.0), is 22 kN. Since the capacity of the 
strengthening system is significantly higher than the demand force, one anchoring system is 
proposed for this level.  
Similarly, the tension in T2 is determined by computing the rotation equilibrium of the two top 
floors around hinge B with t2= 0.11 m (see Figure 5.13b). The tension T2 resulted in 2.9 kN per 1 
meter of wall, which means 56 kN for the total wall width. To meet the safety requirements, the 
installation of three anchoring systems in wall-to-floor connections along the wall width are 
recommended. Finally, the tension T1 applied at the first floor level is calculated considering the 
designed solutions of the top floors connections (T2 and T3). The equilibrium around hinge O, 
positioned at 0.18 m from the edge, gives a tension for T1 of 112 kN. This means that six anchoring 




























Figure 5.13 Equilibrium mechanisms: (a) Upper part of the wall for the calculation of T3; (b) Two 
upper floors of the wall for the calculation of T2. 
Summarizing, the design of the strengthening solution to wall-to-floor connections revealed that 
one anchoring system is required at the top floor diaphragm, three at the second floor level and 
five at the first floor level. However, for practical and aesthetics purposes, three anchoring 
systems at each level have been adopted (spaced 4.8 m from each other), see Figure 5.14. The 
equilibrium of each level was recalculated based on this new arrangement proving the wall safety. 
 
Figure 5.14  Schematic representation of the wall-to-floor strengthening solution.  
5.4. NUMERICAL STUDY  
The numerical characterization of the seismic behaviour of the building comprises the study of 
the structure using three numerical models. Firstly, only the contribution of the external walls is 
considered (assuming that the connections between structural elements are inefficient), named 
Model 1; then the contribution of the external and interior walls is studied (assuming the efficient 
application of the strengthening solution for wall-to-wall connections, designed in the previous 


























Chapter 5 – Masonry Building: Case of Study 
 
127 
(considering also wall-to-floor efficient connections), named Model 3. Thus, three numerical 
models were prepared in order to fulfil these conditions. The configuration of the model attempts 
to reproduce the structural behaviour of the building, while adopting the necessary 
simplifications. The numerical model was prepared using the TNO DIANA (2009) software using 
the geometrical information gathered from Lamego (2014). Three-dimensional finite element 
models were constructed using shell elements to simulate the masonry walls. Eight-node 
quadrilateral isoparametric curved shell elements (CQ40S) were used to discretize the mesh (see 
Figure 5.15). These elements have quadratic interpolation and Gauss integration. 
 
Figure 5.15 Curved shell element (CQ40S) (adapted from TNO DIANA (2009)). 
Taking into account the conclusions provided by the study carried out in Chapter 4 related to the 
application of the FCM and RCM formulations, the total strain rotating crack model with rotating 
crack model with exponential stress-strain relationship in tension and parabolic in compression 
(as represented in Figure 3.7). The nonlinear material properties were defined according to Table 
5.1, following the recommendations used in the previous Chapters. The stone and brick masonry 
were simulated considering a unique homogeneous isotropic material, as previously discussed. 
Stone and brick masonry behaviour were defined according to Table 5.4, in which fc and Gc are 
the compressive strength and fracture energy, ft and Gt are the tensile strength and fracture energy. 














Stone Masonry 19 1035 0.9 1.44 0.1 0.02 
Brick Masonry 18 2400 2.8 4.48 0.28 0.03 
The seismic assessment of the building considering the conditions previously described is carried 
out considering this formulation. In the last decade, research community has recognized non-
linear static procedures as effective tools for the prediction of seismic performance, avoiding 
complex, even if rigorous, non-linear time-history analyses (Parisi 2010). Pushover analysis is a 
non-linear static structural analysis method, commonly used for the seismic assessment of 
existing masonry buildings and has been introduced in many seismic codes, such as (EC8 2003) 
and (OPCM 3274 2003). Pushover analysis, which includes material nonlinear behaviour and 
consists on applying an incremental monotonic loading on the structure in order to determine its 
ability to resist to seismic actions, has been gaining significance over recent years as a tool for the 
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As recommended in (Lourenço et al. 2011), a mass proportional pushover approach is carried out 
in the direction perpendicular to the façade walls (as represented in Figure 5.16). The solution 
procedures used the regular Newton-Raphson method and an energy convergence criterion, with 
a tolerance of 0.001. 
 
Figure 5.16 Global view of the building with the representation of the loading direction. 
The connections between structural elements were not explicitly modelled, in the case of model 
2 and 3, since it is considered that the lateral loads are efficiently transmitted through the elements. 
Instead, the elements were modelled perfectly connected among each other.   
5.4.1. Model 1 
As referred above, model 1 aims to study the seismic performance of the building in the case of 
ineffective connections between structural elements. For this reason, only exterior stone masonry 
walls were modelled. The mesh was automatically generated by DIANA and then manipulated 
and controlled in order to obtain a good quality mesh, resulting in 11.204 nodes and 3466 elements 
(Figure 5.17). 
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Pushover analysis proportional to the mass were carried out for the positive and negative 
orientations of lateral forces, perpendicular to the façade walls (represented in Figure 5.17). The 
capacity curve for both directions, computed by the relation of the load factor (α) and the 
displacement at the top of the wall, is presented in Figure 5.18. The behaviour of the building 
until the first peak is independent on the load direction since +Y and –Y capacity curves present 
exactly the same response. After this point, the building response in –Y direction indicates an 
increase in the seismic coefficient until 0.056g, before exhibiting an abrupt loss of capacity. On 
the contrary, the response in +Y direction reveals a more ductile behaviour with high displacement 
capacity. Pushover analyses demonstrated that the maximum seismic capacity attained in –Y 
direction is 0.056g and 0.049g in +Y direction. The seismic factor attained numerically is greater 
than the value determined through the limit equilibrium of the out-of-plane collapse of the façade 
wall in section 5.3.2 (α=0.018g). The differences are related to the global response of the building 
due to the flange contributions of the in-plane lateral walls, considered in the numerical model, 
and also to the excessive reduction in the rotation line by using a triangular stress distribution in 
the base. The pushover analyses proved that the seismic capacity of the building does not fulfil 
the safety requirements expressed in section 5.3.1, further proving that strengthening measures 
should be implemented.  
 
Figure 5.18 Capacity curves for Model 1. 
Complementary to the analysis of the capacity curve of the structure, the evaluation of damage 
and collapse mechanisms are essential for the assessment of the seismic performance of this 
building. The maximum principal strains distribution is plotted as an indicator of damage, which, 
in addiction with the deformed shape, conveys the perception of the collapse mechanism. The 
evolution of damage resultant from the pushover analysis in +Y direction is presented in Figure 
5.19.  The damage distribution in the façade walls is widespread until the load capacity reaches 
the second peak, showing, however, more severe concentration of strains in the corners of some 
windows (Figure 5.19a). After the drop capacity, corresponding to 80mm of displacement, the 
damage distribution is more severe and the cracks are clearly defined (Figure 5.19b). Two 
symmetric diagonal cracks develop in the façade wall, starting from the top of the structure 
(following the window corner) and propagate towards the base corner. Severe vertical cracks are 
also visible between openings. At the final stage, the damage follows the same pattern and the 
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collapse is associated to the diagonal cracks, causing the out-of-plane collapse of the central part 





Figure 5.19 Maximum principal strains distribution showing the damage evolution in +Y direction: 
(a) Second peak load; (b) Drop after the peak (80 mm); (c) Final stage.  
The damage evolution resultant from the pushover analysis in –Y direction is depicted in Figure 
5.20. The principal strains distribution presented in Figure 5.20a, referent to the first inflection 
point of the curve, show that the damage is concentrated in the central spandrels in the top floors 
and at the corners of the rear façade wall. Similar damage distribution was found for the peak 
load, although more severe (Figure 5.20b). The sudden decreased in the capacity verified in the 
pushover curve response is related to the loss of the horizontal stability of the building. The 
vertical cracks that form in the wall intersections, as represented in Figure 5.20c, indicates the 
out-of-plane collapse of the whole façade wall. 
 
(a) (b) 





Figure 5.20 Maximum principal strains distribution showing the damage evolution in –Y direction: 
(a) Inflection point; (b) Peak load; (c) Final stage. 
As proved by the numerical analyses, the collapse mechanisms expected for a building with 
deficient connections between elements are local with the collapse of parts of the façade or even 
the collapse of the whole façade. 
5.4.2. Model 2 
Model 2 aims at studying the seismic performance of the building considering effective 
connections among walls. The proposed strengthening solution is installed to improve the 
behaviour of the connections, allowing the lateral forces to be transmitted through these elements. 
A numerical model that includes the modelling of the internal walls was constructed using shell 
elements, resulting in a mesh of 26406 nodes and 8614 elements. 
 
Figure 5.21 Mesh of the numerical Model 2. 
Proportional to the mass pushover analyses considering both +Y and –Y directions were carried 
out and the capacity curves plotted in Figure 5.22. The capacity curves of both directions overlap 
in the linear range and the nonlinear branch shows a more ductile response in the direction –Y, 
contrarily to the results found for model 1. The capacity in the direction +Y is slightly higher, 
reaching 0.36g, but after the peak the structure suffered a decrease in the load coefficient, 
exhibiting a brittle behaviour.  On the other direction the building presents a ductile behaviour 
+Y 
-Y 
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after the peak load (0.34g), attaining great displacement capacity. Comparing this model, which 
considers the inclusion of the strengthening solution for wall-to-wall connections, with Model 1, 
the previous model only had about 15% load capacity of the new solution. This proves the 
influence of wall-to-wall connections in the global behaviour of a typical masonry building.  
 
Figure 5.22 Capacity curves for Model 2. 
In order to further evaluate the behaviour of the building, the principal strains distribution is 
plotted for direction +Y in Figure 5.23 and for direction –Y in Figure 5.24. The damage 
distribution resultant from the pushover analysis in +Y direction at the peak load shows 
widespread concentration of strains in all the building (see Figure 5.23a). At the final stage, Figure 
5.23b shows severe concentration of damage in the interior walls. A diagonal crack is developed 
in the interior wall, located in the central part of the building, and the connection between this 
wall and the perpendicular one is compromised by the formation of a vertical crack along the 
height. Since the building is symmetric along this axis the same happens in the other part. This 
damage pattern can be explained by the large spacing between interior walls in this direction, so 
most of the lateral forces are transmitted through these central in-plane walls. Besides, these walls 
are thicker when compared to the other in-plane walls. Thus, the capacity of the building in this 
direction is limited by these walls.  
 
(a) (b) 
Figure 5.23 Maximum principal strains distribution showing the damage evolution in +Y direction: 
(a) Peak load; (b) Final stage. 
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The damaged pattern obtained for the peak load for –Y direction shows the presence of vertical 
cracks following the opening edges at the centre of the building (Figure 5.24a). At the final stage, 
the damage propagates to the in-plane interior walls, where significant cracks due to in-plane 
loading are perceptible (see Figure 5.24b). The damage in some of the spandrels is severe and can 
originate the out-of-plane detachment of smaller parts of the building. In-plane damage in the 
interior walls also control the global performance of the building.   
By considering efficient connections between the walls a global response of the structure was 
attained in both directions.  
 
(a) (b) 
Figure 5.24 Maximum principal strains distribution showing the damage evolution in –Y direction: 
(a) First inflection point; (b) Peak load; (c) Final stage. 
5.4.3. Model 3 
The global behaviour of the building is assessed by the consideration of effective connections 
among all the structural elements. Model 3 was constructed assuming that the strengthening 
solution previously proposed for wall-to-floor connections is applied to the building. Rigid 
connections between walls and the floor structure are assumed. The timber joists were simulated 
by bars that transmit only axial forces, rotations are free at the connections points and there is no 
shear deformation. The two-node truss elements, L6TRU, used to simulate the timber joists are 
represented in Figure 5.25. 
 
Figure 5.25  Truss element (L6TRU) (adapted from TNO DIANA (2009)). 
In relation to Model 2, this model additionally includes the simulation of the floor structure. The 
timber joists distribution in each floor is illustrated by Figure 5.26, including the representation 
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linear behaviour was assumed for timber. The generated mesh for the numerical model is 
presented in Figure 5.27 and has 25.400 elements and 8.662 nodes.  
 
Figure 5.26 Schematic representation of one floor of the building, including the description of the 
materials.  
 
Figure 5.27 Mesh of the numerical Model 3. 
Proportional to the mass pushover analyses were carried out considering the modifications 
implemented in Model 3. The global response of the building in Y direction is given by the 
capacity curves plotted in Figure 5.28. According to the pushover analyses, the building capacity 
in –Y direction (0.45g of load factor) is higher than the obtained in the other direction (0.39g), 
presenting, as verified in the previous analysis model, a more ductile behaviour. Comparing with 
the results obtained for Model 2, an increase in the building capacity of around 25% for direction 
–Y is verified and only 8% of growth in direction +Y. 
Materials: 
BRICK MASONRY 








Figure 5.28 Capacity curves for Model 3. 
Analysing the damage distribution for direction +Y (Figure 5.29) and –Y (Figure 5.30), similar 
crack pattern is found compared the previous model analyses. The global behaviour of the 
structure is noticeable by the damage distribution resultant from the pushover analysis. The 
building in the direction that presents the lower capacity exhibits damage in the interior in-plane 
walls (Figure 5.29b). The ductile response of the building in –Y direction is confirmed by the 
damage distribution throughout the structure.  
 
(a) (b) 
Figure 5.29 Maximum principal strains distribution showing the damage evolution in +Y direction: 
(a) First inflection point; (b) Peak load; (c) Final stage. 
 
(a) (b) 
Figure 5.30 Maximum principal strains distribution showing the damage evolution in –Y direction: 
(a) First inflection point; (b) Peak load; (c) Final stage. 
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5.4.4. Comparison between the models 
The comparison between the model responses, as a manner to assess the influence of the 
connections in the behaviour of the building, is given in Figure 5.31. It is clear the difference 
between the first model (considering the connections inefficient) and the other two (Model 2 and 
3), both in terms of stiffness and seismic capacity. By comparing the Model 2 with the Model 3, 
it could be concluded that the introduction of the floor structure (modelled by the timber joists) 
do not provide more stiffness to the structure response. Instead, the seismic capacity is enhanced, 




Figure 5.31 Comparison between the model responses: (a) +Y direction; (b) –Y direction. 
5.5. VALIDATION OF THE BUILDING CAPACITY BY 
SIMPLIFIED METHODS 
5.5.1. Bilinear Pushover Curves 
Bilinear approximation approach, in which the nonlinear behaviour is idealized with a bilinear 
curve, represents a useful and common approach followed by code provisions currently available 
worldwide (FEMA 356 2000; EC8 2003; OPCM 3431 2005). The bilinear approximation of the 
capacity curves obtained by the analyses results of Model 3 were defined according to Figure 
5.32, resulting in the bilinear curves presented in Figure 5.33 for both +Y and –Y directions.  

















































Figure 5.33 Bilinear approximation of FEM results: (a) +Y direction; (b) -Y direction. 
5.5.2. Macro-block approach 
The work carried out by Lamego (2014) included the study of this building using macro-elements 
(see Figure 5.34). The software used to carry pushover analysis proportional to the 1st vibration 
mode was the 3Muri. Although different approaches can lead to different results and considering 
that in the present study pushover proportional to the mass was chosen instead proportional to the 
1st vibration mode, the results will be compared. The analyses results of the global model (Model 
3) are compared to the results provided by Lamego (2014). 













































Figure 5.34 Model using macro-elements (taken from (Lamego 2014)). 
Comparison between the FEM results with the results obtained by using the macro-modelling 
approach are presented in Figure 5.35. Both the stiffness and the seismic capacity present 
important differences. The results provided by the macro-modelling approach are more 
conservative than the ones obtained by the FEM, even if FEM considers out-of-plane effects and 
the macro-modelling approaches ignores them. Most probably these differences are related to the 
pushover load pattern adopted to carry the analysis, proportional to the mass or proportional to 
the first vibration mode. In addition, the constitutive laws adopted in this model are more 
sophisticated than the ones used in the macro-model, which may lead to slight difference results.  
  
(a) (b) 
Figure 5.35 Comparison between the FEM results with the results obtained by using the macro-
modelling approach: (a) +Y direction; (b) -Y direction. 
5.6. FEMA 
In alternative to finite element analyses, which are very time consuming and require high 
computational efforts, expeditious methods have been proposed for estimating the seismic 
capacity of structures based on the behaviour of individual walls components. An example is the 
simplified linear static procedure included in FEMA 356 (2000) guidelines. Aiming at compare 
the FEM results with the building lateral capacity estimated through simplified approaches, the 
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simplified model provided by FEMA 356 (2000) is applied. This method focused primarily on 
the response of individual in-plane piers taking into account the typical failure mechanisms 
reported in the literature (discussed in section 2.3.3 and studied in Chapter 3) (Abrams 2001). The 
global response of the entire building in terms of shear strength is then determined by combining 
the individual responses of each wall (Moon 2004). This simplified procedure relies in two basic 
assumptions: the parallel walls deform together, assuming that forces are transmitted through all 
the structural elements; and the lateral strength of the building in a given direction is calculated 
as the sum of the strength capacity of all walls parallel to this direction. The efficiency of the 
connections between the structural elements activates the monolithic behaviour of the building, 
making the role of walls paramount with regards to the lateral seismic resistance of the structure. 
Indeed, post-earthquake investigations have shown that, once the out-of-plane mechanisms are 
prevented, the seismic performance of a masonry building depends on the strength capacity of its 
piers (Vasconcelos and Lourenço 2009).  
In the building under study the efficiency of the connections between structural elements is 
assured by the strengthening solutions designed in the previous section. Thus, the regular shape 
of the building and its box-like behaviour under lateral actions, suggests that the simplified 
approach is applicable and can give an approximate estimation of the lateral strength of the 
building. 
The lateral capacity of the building was evaluated considering the direction perpendicular to the 
wall façades. The components of the building that resist to lateral loads in this direction are the 
in-plane lateral walls. Both of the lateral walls have the same characteristics, not presenting any 
opening, as verified by the plants of Figure 5.3 and Figure 5.4. The lateral wall with the definition 
of the structural components is presented in Figure 5.36, in which three piers are distinguished 
according to the floor levels. The forces acting at the floor levels (p1, p2 and p3) are calculated 
following the same considerations taken in the section 5.3. Since the timber joists are placed 
parallel to these walls, only a small part of the forces from the floors are transferred to the lateral 
walls. Thus, p1 and p2 were taken equal to 4.6 kN/m and p3 2.0 kN/m. 
 
Figure 5.36 Schematic illustrating the definition of structural components in lateral walls. 
The strength capacity of the piers is evaluated through the analytical expressions provided in 
FEMA 356 (2000) based on one of four possible behavioural states: bed joint sliding, rocking, 










Modelling of the Seismic Performance of Connections and Walls in Ancient Masonry Buildings  
 
140 
mode and corresponding lateral strength of a pier is controlled by the failure mode with lowest 
strength. Equations (3.4), (3.7), (3.9) and (3.12) described in section 3.7 were used to compute the 
strength capacity of the piers described above according to the failure mode. The material 
properties and the parameters used to compute the strength of each pier according to the failure 
mode are summarized in Table 5.5, where l is the length, h is the height of the pier and t the 
thickness, W is the weight of each pier and N the axial compressive force acting in each level. 
The parameter α2 is related to the boundary conditions of each pier. Fixed-fixed conditions were 
defined for pier 1 and 2 (α2=1.0) because the wall develops for the next floors, granting the support 
for these piers at the top. Since the timber trusses are disposed perpendicular to the façade walls, 
it was considered that the roof structure would not grant enough support to the top pier. For this 
reason cantilever conditions were conservatively assumed for pier 3 (α2=0.5). 
Table 5.5  Parameters used to compute the strength capacity of each pier.  
 l [m] h [m] t [m] W [kN] N [KN] c [MPa] fc [MPa] ft [MPa] α2 µ 
Pier 3 8.2 3 0.5 233.7 250.1 0.1 0.9 0.1 0.5 0.75 
Pier 2 8.2 3 0.5 233.7 521.5 0.1 0.9 0.1 1.0 0.75 
Pier 1 8.2 3.5 0.5 272.7 831.9 0.1 0.9 0.1 1.0 0.75 
 
The calculated strength and controlling failure mode for each pier are shown in Table 5.6. For 
pier 1 and 2 the shear sliding governs, whilst flexural behaviour by toe crushing governs the 
failure of the top pier. The strength capacity of the lateral wall is computed by the sum of the 
contribution given by the component at the base level since it include the weight of all the piers, 
i.e. 931.4 kN (pier 1). As a result, the global strength of the building to lateral loads in the direction 
perpendicular to the façade walls is estimated by the sum of the strength of the two in-plane walls, 
totalizing around 1863 kN.  
Table 5.6  Strength of the piers.  
 
Toe Crushing  Rocking Sliding Diagonal Tension 
[kN] [kN] [kN] [kN] 
Pier 3 308.7 307.6 495.1 1218.8 
Pier 2 1137.7 1282.9 698.6 1689.2 
Pier 1 1321.3 1754.1 931.4 1671.8 
 
The lateral strength capacity obtained by this simplified procedure was compared to the results 
from FEM analyses. Since the in-plane capacity of these walls can only be fully exploited if the 
building behaves as a monolithic structure, as assumed by the FEMA simplified procedure, the 
comparison with the numerical results is performed considering the Model 3 in which the global 
response governs. The maximum lateral capacity obtained by FEM in the bilinear approximation 
was 2300 kN (see Figure 5.33). The prediction given by the simplified procedure proposed in 
FEMA 356 (2000) underestimates the strength of the building when compared with the pushover 
analyses results, but still provides very approximate values. Similar results were found by Yi 
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(2004), which concluded that the strength predicted by FEMA 356 is conservative when 
compared to the actual strength of the building experimentally tested. The underestimation of the 
strength capacity can be related to the fact that the current FEMA methods do not take into account 
some global characteristics of the test structure such as the flange effects. This method primarily 
relies on individual components to describe the behaviour of the in-plane walls possibly 
neglecting important global characteristics of the structure, but still it can estimates with 
reasonable approximation of the building capacity. 
5.7. FINAL REMARKS  
The capabilities and application of the studies carried out on the previous Chapters are revealed 
through its application in the study of the seismic behaviour of a typical masonry building. Since 
the global structural performance of masonry buildings, under earthquake loading, is affected by 
the efficiency of wall-to-wall and wall-to-floor connections, strengthening solutions were 
designed based on the knowledge provided in the study carried out in Chapter 4. The kinematic 
limit analysis approach which considers the seismic individual response of selected mechanisms 
was applied to assess the safety of the wall without connections to the structural element and then 
for the design of the strengthening solutions.  
Finite element models were developed with the purpose of evaluating the influence of the 
connections between structural elements. Pushover analyses results proved that the seismic 
capacity of the building considering inefficient connections is very low and that proper 
strengthening measures would provide a great enhance on the capacity of the building. 
Considering effective connections among walls the seismic capacity is highly improved and when 
combined to efficient strengthen of wall-to-floor connections the seismic response of the building 
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6.1. CONCLUSIONS  
A numerical approach to study the structural behaviour of walls and strengthened connections in 
traditional masonry buildings was presented, providing valuable contributions on this topic. These 
works demonstrated that the use of sophisticated numerical analysis for the characterization of 
experimentally tested specimens, not only provides reliable results, including the accurate 
characterization of the nonlinear behaviour, ultimate capacity and failure mechanisms, but also 
appears as a powerful tool for the development of parametric analyses.  
During this thesis, special attention was given to the numerical model validation procedure against 
experimental data, assuring in this manner the confidence in the sequent parametric numerical 
results. The results provided by the parametric analyses contributed to extend the available 
database on the characterization of the behaviour of masonry walls and injected anchors in 
masonry. 
This thesis can be divided into three main parts: the study of wall components; the study of 
strengthened connections using injected anchors in masonry and the application of the results 
provided by these studies in the seismic assessment of a typical masonry building. In the following 
the main conclusions of each of these studies are addressed.  
6.1.1. Masonry Walls Study 
The study of the in-plane behaviour of masonry walls was carried out resorting to finite element 
models to simulate the numerically the walls response. The evaluation of the walls experimental 
response compared with the preliminary linear analyses results, allowed to conclude that the 
elastic stiffness is dependent on the pre-compression level of the wall and on the construction 
procedure. For this reason, the numerical model should incorporate this aspect so the masonry 
elastic modulus was adjusted according to the experimental response. A good correspondence 
between numerical and experimental responses has been found for all the walls proving the 
potential of the presented numerical strategy to simulate the in-plane behaviour of masonry walls 
with good accuracy. The non-linear response, strength capacity and failure mechanism predicted 
by the numerical analyses present good correlation with the experimental results for all the walls.  
The validated numerical models were used as a numerical laboratory to assess the response of 
walls with different geometric relations and pre-compression levels. A total of five more walls 
were numerically estimated regarding the, nonlinear response, stress distribution, strength 
capacity and failure mode. The comparison between the walls responses, demonstrated that 
flexure failure modes are predominant in slender walls with low levels of pre-compression. The 
in-plane capacity of the walls is improved by the increase on the pre-compression level and lower 
slenderness ratios (squat walls), but leading to a decrease in the lateral displacement capacity of 
the walls.  
The drift capacity of the walls was evaluated according to EC8 recommendations. The 
comparison between the drift capacities estimated by numerical analyses and the limit proposed 
by the codes showed that a number of walls did not fulfilled the requirements. Different and more 
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realistic boundary conditions were then considered, which allowed to fulfil the drift limit for 94% 
of the walls. 
Finally, analytical simplified formulations available in literature, which are associated to distinct 
failure modes, were presented and discussed. The application of the simplified expressions to the 
numerically studied walls, showed good agreement between the numerical lateral resistance and 
the predicted values based on by simplified models. 
6.1.2. Injected Anchors Study 
The study of injected anchors in masonry as a tool to strengthen the connection between elements, 
included the construction of a detailed three-dimensional finite element model. Aiming at 
investigating the formulation that best describes the behaviour of the system, fixed and rotating 
crack models were used. Rotating crack model simulates the behaviour of the anchoring system 
with a better accuracy since the force-displacement response, damage distribution and failure 
mode are in better agreement with the experimental results.  
The validated numerical model was used to study the influence of some input parameters and 
model conditions. The response of other configurations was successfully evaluated through 
parametric analysis proving, in this manner, the potential of the numerical model. Parametric 
analysis revealed that the embedment depth is the aspect that most influences the capacity of 
injected anchors in masonry, in comparison with the other studied parameters. 
Finally, a good agreement between experiments and the failure modes predicted by available 
analytical formulations was achieved. In terms of strength capacity, a very good agreement was 
obtained with the ACI 318 (2011), fib Bulletin No. 58 (2011) and CEB (1994) formulations. On 
the other hand, the method proposed by MSJC (2013) seems to greatly overestimate the values of 
the strength capacity. Gigla and Wenzel (2000) expressions provide rather conservative 
predictions in all the cases. 
6.1.3. Typical Masonry Building 
A traditional masonry building located in Lisbon was used to evaluate the role of connections in 
its seismic performance. Strengthening solutions using injected anchors in masonry walls were 
designed for wall-to-wall and wall-to-floor connections. The strength capacity values were 
estimated in accordance with the results provided in Chapter 4.  
Finite element models confirm the great influence that the connections have in the seismic 
capacity of a structure. Pushover analysis proportional to the mass were used to assess the seismic 
behaviour of the regular building. Considering ineffective connections among the structural 
elements, pushover analysis showed low seismic capacity limited by local collapse mechanisms. 
With the improvement of the connections among exterior and interior walls (obtained by the 
installation of the designed strengthening solution) the building capacity increases around 85% 
with regard to the previous model. The analysis considering that the structure behaves as a global 
system (by improving the wall-to-floor connections) lead to an increase of around 20% in the 
building capacity. These two last numerical models presented a damage pattern that indicates a 
Modelling of the Seismic Performance of Connections and Walls in Ancient Masonry Buildings  
 
146 
global behaviour of the structure. The influence of the connections between structural elements 
was clearly demonstrated by the numerical analysis results found.  
The numerical results were also compared to a simplified macro-modelling approach available in 
Lamego (2014) and differences were found, which can be related to the modelling approach used. 
6.2. FUTURE WORKS 
The research presented and discussed in this thesis can be used as a basis for future developments 
in theoretical, numerical, and even experimental fields. Further research is proposed as follows: 
 The study reported in Chapter 3 focused on the behaviour of stone masonry walls. This 
numerical approach can be used for the study of other masonry types, geometric aspect 
ratios, and other structural aspects (boundary conditions, levels of compression, etc.).  
 In Chapter 4 a numerical approach was followed to describe the behaviour of injected 
anchors in masonry. The conditions studied through parametrical analysis can be further 
explored, including additional parameters that can influence the behaviour of the 
anchoring system. 
 The approach followed in Chapter 4 could also be expanded for the study of other types 
of strengthening solutions.   
 The application of dynamic analysis and incremental dynamic analysis in the assessment 
of the seismic performance of traditional masonry buildings is suggested to validate the 
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Figure A. 1 Force-displacement curves for the parametric analysis of the masonry elastic modulus 
(CS01 wall). 
 
Figure A. 2 Force-displacement curves for the parametric analysis of the masonry compressive 
strength (CS01 wall). 
 
Figure A. 3 Force-displacement curves for the parametric analysis of the masonry tensile strength 
(CS01 wall). 
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Figure A. 4 Force-displacement curves for the parametric analysis of the masonry compressive 
fracture energy (CS01 wall). 
 
Figure A. 5 Force-displacement curves for the parametric analysis of the masonry tensile fracture 
energy (CS01 wall). 
 
Figure A. 6  Force-displacement curves for the parametric analysis of the masonry elastic modulus 
energy (CS03 wall). 
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Figure A. 7 Force-displacement curves for the parametric analysis of the masonry compressive 
strength (CS03 wall). 
 
Figure A. 8 Force-displacement curves for the parametric analysis of the masonry tensile strength 
(CS03 wall). 
 
Figure A. 9 Force-displacement curves for the parametric analysis of the masonry compressive 
fracture energy (CS03 wall). 
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Figure A. 10 Force-displacement curves for the parametric analysis of the masonry tensile fracture 
energy (CS03 wall). 
 
Figure A. 11  Force-displacement curves for the parametric analysis of the masonry elastic modulus 
energy (CS02 wall). 
 
Figure A. 12 Force-displacement curves for the parametric analysis of the masonry compressive 
strength (CS02 wall).7 
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Figure A. 13 Force-displacement curves for the parametric analysis of the masonry tensile strength 
(CS02 wall). 
 
Figure A. 14 Force-displacement curves for the parametric analysis of the masonry compressive 
fracture energy (CS02 wall). 
  
Figure A. 15 Force-displacement curves for the parametric analysis of the masonry tensile fracture 
energy (CS02 wall). 
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Figure A. 16 Force-displacement curves for the parametric analysis of the masonry elastic modulus 
energy (CM01 wall). 
 
Figure A. 17 Force-displacement curves for the parametric analysis of the masonry compressive 
strength (CM01 wall). 
 
Figure A. 18 Force-displacement curves for the parametric analysis of the masonry tensile strength 
(CM01 wall). 
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Figure A. 19 Force-displacement curves for the parametric analysis of the masonry compressive 
fracture energy (CM01 wall). 
 
Figure A. 20 Force-displacement curves for the parametric analysis of the masonry tensile fracture 
energy (CM01 wall). 
 
Figure A. 21 Force-displacement curves for the parametric analysis of the masonry elastic modulus 
energy (CM03 wall). 
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Figure A. 22 Force-displacement curves for the parametric analysis of the masonry compressive 
strength (CM03 wall). 
 
Figure A. 23 Force-displacement curves for the parametric analysis of the masonry tensile strength 
(CM03 wall). 
 
Figure A. 24 Force-displacement curves for the parametric analysis of the masonry compressive 
fracture energy (CM03 wall). 
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Figure A. 25 Force-displacement curves for the parametric analysis of the masonry tensile fracture 
energy (CM03 wall). 
 
Figure A. 26 Force-displacement curves for the parametric analysis of the masonry elastic modulus 
energy (CM02 wall). 
  
Figure A. 27 Force-displacement curves for the parametric analysis of the masonry compressive 
strength (CM02 wall). 
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Figure A. 28 Force-displacement curves for the parametric analysis of the masonry tensile strength 
(CM02 wall). 
 
Figure A. 29 Force-displacement curves for the parametric analysis of the masonry compressive 
fracture energy (CM02 wall). 
  
Figure A. 30 Force-displacement curves for the parametric analysis of the masonry tensile fracture 
energy (CM02 wall). 
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Figure A. 31 Force-displacement curves for the parametric analysis of the masonry elastic modulus 
energy (CT01 wall). 
 
Figure A. 32 Force-displacement curves for the parametric analysis of the masonry compressive 
strength (CT01 wall). 
 
Figure A. 33 Force-displacement curves for the parametric analysis of the masonry tensile strength 
(CT01 wall). 
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Figure A. 34 Force-displacement curves for the parametric analysis of the masonry compressive 
fracture energy (CT01 wall). 
  
Figure A. 35 Force-displacement curves for the parametric analysis of the masonry tensile fracture 
energy (CT01 wall). 
 
Figure A. 36 Force-displacement curves for the parametric analysis of the masonry elastic modulus 
energy (CT03 wall). 
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Figure A. 37 Force-displacement curves for the parametric analysis of the masonry compressive 
strength (CT03 wall). 
 
Figure A. 38 Force-displacement curves for the parametric analysis of the masonry tensile strength 
(CT03 wall). 
 
Figure A. 39 Force-displacement curves for the parametric analysis of the masonry compressive 
fracture energy (CT03 wall). 
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Figure A. 40 Force-displacement curves for the parametric analysis of the masonry tensile fracture 
energy (CT03 wall). 
 
Figure A. 41 Force-displacement curves for the parametric analysis of the masonry elastic modulus 
energy (CT02 wall). 
 
Figure A. 42 Force-displacement curves for the parametric analysis of the masonry compressive 
strength (CT02 wall). 
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Figure A. 43 Force-displacement curves for the parametric analysis of the masonry tensile strength 
(CT02 wall). 
 
Figure A. 44 Force-displacement curves for the parametric analysis of the masonry compressive 
fracture energy (CT02wall). 
 
Figure A. 45 Force-displacement curves for the parametric analysis of the masonry tensile fracture 
energy (CT02 wall). 
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Figure B.1 Maximum principal strain for the 0.5 × ¿Q,^$%	analysis: (a) Peak load – lateral section; (b) 





Figure B.2 Maximum principal strain for the 2.0 × ¿Q,^$%	analysis: (a) Peak load – lateral section; (b) 




Figure B.3 Maximum principal strain for the 0.5 × ¿f,^$%	analysis: (a) Peak load – lateral section; (b) 
















Figure B.4 Maximum principal strain for the 2.0 × ¿f,^$%	analysis: (a) Peak load – lateral section; (b) 




Figure B.5 Maximum principal strain for the 0.5 × PÀ,^$%	analysis: (a) Peak load – lateral section; (b) 




Figure B.6 Maximum principal strain for the 2.0 × PÀ,^$%	analysis: (a) Peak load – lateral section; (b) 
















Figure B.7 Maximum principal strains at final stage for the anchor diameter parametric analysis: (a) 
Lateral view; (b) Top view. 
 
 
 
 
 
 
